Non-linear behaviour and structural ductility of steel constructions: Fuseis system, Moment resisting and Eccentrically braced frames by PANNUZZO, PAOLA
UNIVERSITÁ DI PISA
DIPARTIMENTO DI INGEGNERIA CIVILE E INDUSTRIALE
CDLM IN INGEGNERIA EDILE E DELLE COSTRUZIONI CIVILI
NON-LINEAR BEHAVIOUR AND STRUCTURAL
DUCTILITY OF STEEL CONSTRUCTIONS:
FUSEIS SYSTEM, MOMENT RESISTING AND
ECCENTRICALLY BRACED FRAMES
Candidata:
Paola Pannuzzo
Relatori:
Prof. Ing. Walter Salvatore
Prof. Ing. Paolo Sebastiano Valvo
Dott. Ing. Silvia Caprili
Prof. Ing. Ioannis Vayas
Ing. Stella Avgerinou
Anno Accademico 2014/2015

CONTENTS
1 Introduction 1
2 Seismic design philosophy 3
2.1 Overview . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 3
2.2 Dissipative behaviour of structures and capacity design . . . . . . . . . . . . . . 4
2.3 New guidelines: Performance Based Design (PBD) . . . . . . . . . . . . . . . . . 10
Bibliography . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 15
3 Methods of analysis 17
3.1 Overview . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 17
3.2 Linear analysis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 19
3.2.1 Lateral force method of analysis . . . . . . . . . . . . . . . . . . . . . . . . 19
3.2.2 Modal response spectrum analysis . . . . . . . . . . . . . . . . . . . . . . . 19
3.3 Non-linear analysis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 19
3.3.1 Non-linear static analysis (Pushover analysis) . . . . . . . . . . . . . . . . 21
3.3.2 Non-Linear dynamic analysis . . . . . . . . . . . . . . . . . . . . . . . . . . 22
Bibliography . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 27
4 Seismic Design of cases studies 29
4.1 Selection of cases studies . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 29
4.1.1 Moment Resisting Frames (MRF) . . . . . . . . . . . . . . . . . . . . . . . . 29
4.1.2 Eccentrically Braced Frames (EBF) . . . . . . . . . . . . . . . . . . . . . . . 31
4.1.3 FUSEIS systems . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 33
4.2 General design assumptions . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 37
4.2.1 Storey slab typology . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 39
4.2.2 Vertical loads and materials . . . . . . . . . . . . . . . . . . . . . . . . . . . 39
4.2.3 Seismic action . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 40
4.2.4 Accidental torsional effects . . . . . . . . . . . . . . . . . . . . . . . . . . . 43
4.2.5 Combination of the effects of the components of the seismic action . . . 44
4.3 Safety verifications . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 45
iii
Contents
4.3.1 Ultimate limit state . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 45
4.3.2 Damage Limitation . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 46
4.4 Design of MRF case study . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 47
4.4.1 Design for ordinary loads . . . . . . . . . . . . . . . . . . . . . . . . . . . . 48
4.4.2 Design for seismic action . . . . . . . . . . . . . . . . . . . . . . . . . . . . 48
4.4.3 Modal Analyis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 53
4.4.4 Safety verifications . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 54
4.5 Design of EBF case study . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 58
4.5.1 Modal Analysis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 62
4.5.2 Design for ordinary loads . . . . . . . . . . . . . . . . . . . . . . . . . . . . 64
4.5.3 Design for seismic action . . . . . . . . . . . . . . . . . . . . . . . . . . . . 64
4.5.4 Safety verification . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 66
4.6 Design of FUSEIS case study . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 70
4.6.1 Modal analysis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 75
4.6.2 Design for ordinary loads . . . . . . . . . . . . . . . . . . . . . . . . . . . . 77
4.6.3 Design for seismic action . . . . . . . . . . . . . . . . . . . . . . . . . . . . 78
4.6.4 Safety Verifications . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 80
Bibliography . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 83
5 Non-linear Analysis of cases studies 85
5.1 Non-linear modelling of cases studies . . . . . . . . . . . . . . . . . . . . . . . . . 85
5.2 Execution of Static Pushover analysis (SPO) . . . . . . . . . . . . . . . . . . . . . 89
5.3 Execution of Incremental dynamic analysis . . . . . . . . . . . . . . . . . . . . . 89
5.3.1 Definition of input parameters for used accelerograms . . . . . . . . . . . 89
5.3.2 Definition of Scale Factors SF . . . . . . . . . . . . . . . . . . . . . . . . . . 90
5.3.3 Definition of Intensity Measure IM . . . . . . . . . . . . . . . . . . . . . . . 91
5.3.4 Definition of Damage Measure (DM) . . . . . . . . . . . . . . . . . . . . . 92
5.4 Performance requirements and Acceptance criteria . . . . . . . . . . . . . . . . . 93
5.5 Evaluation of the behaviour factor of cases studies . . . . . . . . . . . . . . . . . 94
5.5.1 SPO : evaluation of q-factor according to FEMA 695 procedure . . . . . . 94
5.5.2 IDA : evaluation of q-factor according to Ballio-Setti procedure . . . . . . 96
5.6 Definition of Target Displacement (N2-Method) . . . . . . . . . . . . . . . . . . . 97
5.7 Non-linear analysis of MRF case study . . . . . . . . . . . . . . . . . . . . . . . . 101
5.7.1 Material non-linearity . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 101
5.7.2 Pushover analysis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 104
5.7.3 Performance requirements and acceptance criteria . . . . . . . . . . . . . 104
5.7.4 SPO: evaluation of q factor . . . . . . . . . . . . . . . . . . . . . . . . . . . 108
5.7.5 Determination of the target displacement . . . . . . . . . . . . . . . . . . 108
5.7.6 MRF : new solution with RBS . . . . . . . . . . . . . . . . . . . . . . . . . . 113
5.7.7 Incremental dynamic analysis (IDA) . . . . . . . . . . . . . . . . . . . . . . 116
5.7.8 Evaluation of q factor with modified Ballio-Setti procedure . . . . . . . . 118
5.8 Non-linear analysis of EBF case study . . . . . . . . . . . . . . . . . . . . . . . . . 119
iv
Contents
5.8.1 Material non-linearity . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 119
5.8.2 Pushover Analysis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 123
5.8.3 Performance requirements and acceptance criteria . . . . . . . . . . . . . 124
5.8.4 SPO: evaluation of q factor . . . . . . . . . . . . . . . . . . . . . . . . . . . 126
5.8.5 Determination of the target displacement . . . . . . . . . . . . . . . . . . 127
5.8.6 Incremental Dynamic Analysis for EBF . . . . . . . . . . . . . . . . . . . . 133
5.8.7 Evaluation of q factor with modified Ballio-Setti procedure . . . . . . . . 136
5.9 Non-linear analysis of FUSEIS case study . . . . . . . . . . . . . . . . . . . . . . . 138
5.9.1 Material non-linearity . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 138
5.9.2 Pushover analysis . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 140
5.9.3 Performance requirements and Acceptance criteria . . . . . . . . . . . . 141
5.9.4 SPO: evaluation of q factor . . . . . . . . . . . . . . . . . . . . . . . . . . . 143
5.9.5 Determination of the target displacement . . . . . . . . . . . . . . . . . . 143
5.9.6 Incremental Dynamic Analysis (IDA) . . . . . . . . . . . . . . . . . . . . . 145
5.9.7 Evaluation of q factor with modified Ballio-Setti procedure . . . . . . . . 146
Bibliography . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 147
6 Comparison and conclusions 149
v

LIST OF FIGURES
2.1 Cross-sectional ductility classes. . . . . . . . . . . . . . . . . . . . . . . . . . . . . 6
2.2 Member behaviour classes. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 7
2.3 Collapse mechanisms versus seismic energy dissipation. . . . . . . . . . . . . . 9
3.1 Methods of Seismic Analyis [1]. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 17
3.2 Linear analysis versus non-linear analysis. . . . . . . . . . . . . . . . . . . . . . . 18
3.3 Scheme of the elastic elements with plastic hinge. . . . . . . . . . . . . . . . . . . 20
3.4 Example of fibre modelling of structural element in concrete. . . . . . . . . . . . 21
3.5 Example of modal load distribution to determine capacity curve. . . . . . . . . 21
3.6 An example of information extracted from IDA study for thirty records on a
T1 = 1.8sec, 5-storey steel braced frame.[3] . . . . . . . . . . . . . . . . . . . . . . 24
3.7 The DM rule to produce the capacity point. [3] . . . . . . . . . . . . . . . . . . . 24
3.8 An example of the median IDA versus the Static Pushover curve [3] . . . . . . . 25
4.1 Three cases studies: Moment Resisting Frames (a), Eccentrically Braced Frames
(b), Fuseis systems (c). . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 29
4.2 Typical moment resisting frames. . . . . . . . . . . . . . . . . . . . . . . . . . . . 30
4.3 Local reinforcement of the beam and reduced beam section connections (RBS). 31
4.4 Examples of eccentrically braced frames with horizontal links. . . . . . . . . . . 31
4.5 Eccentrically braced frames with horizontal links a), b), c) and with vertical links d) 32
4.6 Eccentrically braced frames: hysteretic behaviour of (a) unstiffened shear link;
(b) stiffened shear link . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 32
4.7 An example of innovative FUSEIS system. . . . . . . . . . . . . . . . . . . . . . . 33
4.8 FUSEIS system: FUSEIS 1-1 and 1-2 systems. [3] . . . . . . . . . . . . . . . . . . . 34
4.9 Behaviour of the FUSEIS to cycling loading after testing. . . . . . . . . . . . . . . 35
4.10 Detail of FUSEIS 2 systems. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 36
4.11 General Frame: Moment Resisting Frame (a), Eccentrically Braced Frame (b),
Fuseis system (c). . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 38
vii
List of Figures
4.12 General plain: Moment Resisting Frames (a), Eccentrically Braced Frames (b),
Fuseis systems (c). . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 38
4.13 General Frame: Moment Resisting Frame , Eccentrically Braced Frame , Fuseis
system. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 38
4.14 Concrete slabs: profile of steel sheeting. . . . . . . . . . . . . . . . . . . . . . . . . 39
4.15 Elastic response spectrum for spectrum Type 1, ground class B, ag=0.25 . . . . . 40
4.16 Values for αu/αi according to EC8. . . . . . . . . . . . . . . . . . . . . . . . . . . . 42
4.17 Response Spectrum according to NTC08. . . . . . . . . . . . . . . . . . . . . . . . 43
4.18 General configuration of MRF building. . . . . . . . . . . . . . . . . . . . . . . . . 47
4.19 Different configurations to position MRF, marked in red colour. . . . . . . . . . 47
4.20 Beam-to-column joint in MRFs. . . . . . . . . . . . . . . . . . . . . . . . . . . . . 50
4.21 Design process for MRF . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 51
4.22 Configuration and elements sections of MRF system. . . . . . . . . . . . . . . . . 51
4.23 General scheme with MRFs marked in red. . . . . . . . . . . . . . . . . . . . . . . 52
4.24 Range structural period for MRF buildings. . . . . . . . . . . . . . . . . . . . . . . 53
4.25 Modal analyses results. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 54
4.26 Frame checked with linear analysis. . . . . . . . . . . . . . . . . . . . . . . . . . . 56
4.27 General configuration of EBF building. . . . . . . . . . . . . . . . . . . . . . . . . 58
4.28 Definition of symbols for I link sections [1]. . . . . . . . . . . . . . . . . . . . . . . 59
4.29 Definition of short link length. [1] . . . . . . . . . . . . . . . . . . . . . . . . . . . 59
4.30 Plan configuration of EBF building. . . . . . . . . . . . . . . . . . . . . . . . . . . 60
4.31 Detail in plan with the splitting of the main beam with EBF. . . . . . . . . . . . . 60
4.32 Configuration and component sections of EBF system designed with respect
linear analysis. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 61
4.33 range structural period . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 62
4.34 Modal analyses results . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 63
4.35 EBF: Frame checked with linear analysis. . . . . . . . . . . . . . . . . . . . . . . . 67
4.36 General configuration of FUSEIS building with innovative fuse systems. . . . . 70
4.37 Rules for be f f in composite slab according to EC4. . . . . . . . . . . . . . . . . . 70
4.38 Plan view with FUSEIS systems marked in red. . . . . . . . . . . . . . . . . . . . . 71
4.39 Rotational stiffness of the semi-rigid connections . . . . . . . . . . . . . . . . . . 72
4.40 General layout with the pinned and semi-rigid connections. . . . . . . . . . . . 72
4.41 Definition of equivalent length be f f and modelling in sap2000. . . . . . . . . . . 73
4.42 Modelling of RBS. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 73
4.43 Configuration and component sections of Fuseis systems . . . . . . . . . . . . . 74
4.44 range structural period . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 75
4.45 Modal analyses results . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 76
4.46 Modelling of typical fuse with RBS. . . . . . . . . . . . . . . . . . . . . . . . . . . . 78
4.47 FUSEIS: Frame checked with linear analysis. . . . . . . . . . . . . . . . . . . . . . 81
5.1 An example of large displacements with local axis rotation. . . . . . . . . . . . . 85
viii
List of Figures
5.2 Generalized Force-Deformation Relation for Steel Elements according to FEMA
356. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 86
5.3 Plastic behaviour of the hinge in sap2000. . . . . . . . . . . . . . . . . . . . . . . 87
5.4 Steel02 material: Menegotto-Pinto law . . . . . . . . . . . . . . . . . . . . . . . . 87
5.5 Aggregator section with detailed fiber section. . . . . . . . . . . . . . . . . . . . . 88
5.6 Nonlinear Beam Column Element object in Opensees. . . . . . . . . . . . . . . . 88
5.7 Uniform and modal lateral load distribution. . . . . . . . . . . . . . . . . . . . . . 89
5.8 Uniform and modal lateral load distribution. . . . . . . . . . . . . . . . . . . . . . 89
5.9 Filter function for the generation of artificial time histories. . . . . . . . . . . . . 90
5.10 Input data to produce artificial earthquakes compatible with response spectrum 90
5.11 Artificial accelerograms used for IDA curves . . . . . . . . . . . . . . . . . . . . . 90
5.12 An example of accelerogram spectrum. . . . . . . . . . . . . . . . . . . . . . . . . 91
5.13 Bilinear approach of pushover curve and calculation of q factor . . . . . . . . . 95
5.14 Discrepancy between the spectral acceleration of the selected accelerogram and
the elastic spectrum one. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 96
5.15 Elastic spectrum acceleration(Sae ) and displacements (Sde ) in (a) traditional
format,(b) AD format. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 98
5.16 Elastic spectrum and inelastic spectra with several ductility factors µ. . . . . . 98
5.17 Determination of the idealized elastic - perfectly plastic force – displacement
relationship(Eurocode 8 method). . . . . . . . . . . . . . . . . . . . . . . . . . . . 99
5.18 Determination of the target displacement for the equivalent SDOF system . . . 100
5.19 Beam plastic rotationΘp . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 101
5.20 Definition of Chord Rotation. [5] . . . . . . . . . . . . . . . . . . . . . . . . . . . . 102
5.21 Generalized Force-Deformation Relation for Steel Elements or Components[5]. 102
5.22 MRF: Gravitational Load according to G+ψq combination. . . . . . . . . . . . . 103
5.23 Graphical overview of the imperfections model. . . . . . . . . . . . . . . . . . . . 103
5.24 MRF 3D model:Pushover curve in X direction. . . . . . . . . . . . . . . . . . . . . 104
5.25 MRF 3D model:Pushover curve in Y direction. . . . . . . . . . . . . . . . . . . . . 104
5.26 MRF: Pushover in 2Dmodel dir.x using two different software . . . . . . . . . . . 104
5.27 MRF, pushover uniform load distribution: inter-storey drift performance levels. 105
5.28 MRF, pushover modal load distribution:inter-storey drift performance levels. . 105
5.29 Limit states for plastic hinges in the beams . . . . . . . . . . . . . . . . . . . . . . 106
5.30 Limit states for plastic hinges in the columns . . . . . . . . . . . . . . . . . . . . . 107
5.31 Limit state for column buckling . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 107
5.32 Limit state for buckling in the columns . . . . . . . . . . . . . . . . . . . . . . . . 107
5.33 MRF:Pushover Analysis with failure criteria. . . . . . . . . . . . . . . . . . . . . . 107
5.34 Bilinear approach of pushover curve and calculation of q factor . . . . . . . . . 108
5.35 Elastic response spectrum . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 109
5.36 MRF: Determination of the idealized elastic - perfectly plastic force – displace-
ment relationship . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 110
5.37 MRF: Determination of the target displacement for the equivalent SDOF system,
according to EU8 procedure . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 110
ix
List of Figures
5.38 Plot Ad with 2MRFs and 4 MRFs . . . . . . . . . . . . . . . . . . . . . . . . . . . . 111
5.39 Plot Ad format with 2MRF and possible better solutions . . . . . . . . . . . . . . 112
5.40 Modeling of RBS . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 113
5.41 Comparison between MRFs standard and MRFs with RBS. . . . . . . . . . . . . 114
5.42 MRF with RBS: Pushover with failure criteria . . . . . . . . . . . . . . . . . . . . . 114
5.43 Plot Ad , for MRF with RBS . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 115
5.44 MRF IDAs : Base Shear Force vs Roof Displacement . . . . . . . . . . . . . . . . . 116
5.45 Zoom of the Figure 5.44, IDA capacity curves with static pushover curves. . . . 116
5.46 MRF IDAs :PGA vs θM AX . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 117
5.47 MRF IDAs : PGA vs beam rotation θbeam . . . . . . . . . . . . . . . . . . . . . . . . 117
5.48 MRF IDAs :PGA vs Column buckling limit. . . . . . . . . . . . . . . . . . . . . . . 117
5.49 The link rotation angleΘp . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 119
5.50 Interaction between shear and moment of link. . . . . . . . . . . . . . . . . . . . 119
5.51 Connection in series for shear and flexural link deformation . . . . . . . . . . . 120
5.52 Generalized Force-Deformation Relation for Steel Elements or Components
(Modelling Parameters by FEMA 356). . . . . . . . . . . . . . . . . . . . . . . . . . 121
5.53 EBF: Gravitational Load according to G+ψq combination. . . . . . . . . . . . . 121
5.54 Graphical overview of the imperfection for braces and columns. . . . . . . . . . 123
5.55 Link behaviour modelling in openSees. . . . . . . . . . . . . . . . . . . . . . . . . 123
5.56 Steel01 material for link element. . . . . . . . . . . . . . . . . . . . . . . . . . . . . 123
5.57 Pushover curve for 3D model in X direction . . . . . . . . . . . . . . . . . . . . . . 123
5.58 Pushover curve for 3D model in Y direction . . . . . . . . . . . . . . . . . . . . . . 124
5.59 Pushover in 2Dmodel dir.x using two different simulations . . . . . . . . . . . . . 124
5.60 EBF pushover Uniform distribution:Inter-storey drift performance levels . . . . 125
5.61 EBF Modal distribution:Inter-storey drift performance levels . . . . . . . . . . . 125
5.62 Limit states for 1° inter-storey drift . . . . . . . . . . . . . . . . . . . . . . . . . . . 125
5.63 EBF:Pushover with link rotation limit. . . . . . . . . . . . . . . . . . . . . . . . . . 125
5.64 Bilinear approach of pushover curve and calculation of q factor . . . . . . . . . 127
5.65 Elastic response spectrum . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 127
5.66 EBF: Determination of the idealized elastic - perfectly plastic force – displace-
ment relationship . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 128
5.67 EBF: Determination of the target displacement for the equivalent SDOF system,
according to EC8 procedure . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 129
5.68 EBF Pushover: 1° Model VS 2° Building . . . . . . . . . . . . . . . . . . . . . . . . 130
5.69 EBF Pushover 2° model: inter-storey drift performance with uniform distribution131
5.70 EBF Pushover 2° model: inter-storey drift performance with modal distribution 131
5.71 EBF 2° model : pushover curves with inter-storey drift levels . . . . . . . . . . . 131
5.72 EBF Pushover: 1° Model VS 2° Building . . . . . . . . . . . . . . . . . . . . . . . . 131
5.73 EBF Pushover: determination of the target displacement for the equivalent SDOF
system (N2 method). . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 132
5.74 EBF IDA : Base Shear Force - Roof Displacement curve . . . . . . . . . . . . . . . 133
5.75 Zoom of the figure 5.74, IDA capacity curves and static pushover curves. . . . . 133
x
List of Figures
5.76 EBF IDA : Pga - Max Interstorey drift . . . . . . . . . . . . . . . . . . . . . . . . . . 134
5.77 EBF IDA : Pga - Link 1 rotation . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 135
5.78 EBF IDA : Pga - Link 2 rotation . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 135
5.79 EBF IDA : Pga - Link 3 rotation . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 136
5.80 Plastic moment of fuse element at the RBS section and plastic fuse rotation. . . 138
5.81 Non-linear hinge parameters for IPE,SHS, CHS and Pins, Fuseis progect Report. 138
5.82 Gravitational Load according to G+ψq combination. . . . . . . . . . . . . . . . 139
5.83 Used material for non linear static analysis . . . . . . . . . . . . . . . . . . . . . . 139
5.84 modeling of semi-rigid connections. . . . . . . . . . . . . . . . . . . . . . . . . . . 139
5.85 Detailed model Fuseis system in OpenSees. . . . . . . . . . . . . . . . . . . . . . 140
5.86 FUSEIS Frame:Pushover curve for 3D model in X direction. . . . . . . . . . . . . 140
5.87 FUSEIS Frame:Pushover curve for 3D model in Y direction . . . . . . . . . . . . 140
5.88 Pushover in 2Dmodel dir.x using two different simulations. . . . . . . . . . . . . 141
5.89 Capacity curve with collapse limit. . . . . . . . . . . . . . . . . . . . . . . . . . . . 142
5.90 Elastic response spectrum . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 144
5.91 Determination of the idealized elastic - perfectly plastic force – displacement
relationship. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 144
5.92 Determination of the target displacement for the equivalent SDOF system,according
to EU8 procedure . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 145
5.93 FUSEIS IDAs : Base Shear Force vs Roof Displacement . . . . . . . . . . . . . . . 145
5.94 MRF IDAs :PGA vs θM AX . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 146
6.1 General Frame: Moment Resisting Frame (a), Eccentrically Braced Frame (b),
Fuseis system (c). . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 149
6.2 Comparison of seismic response of the structures with N2 method. . . . . . . . 150
xi

LIST OF TABLES
2.1 Performance levels according to SEAOC Vision 2000. . . . . . . . . . . . . . . . . 11
2.2 proposed earthquake hazard levels . . . . . . . . . . . . . . . . . . . . . . . . . . 12
2.3 Performance levels, corresponding damage state and drift limits. . . . . . . . . . 12
4.1 Upper limit of reference values of behaviour factors q according to EC8. . . . . 40
4.2 Seismic parameters for response spectrum according to NTC08 . . . . . . . . . 43
4.3 Response Spectrum NTC08 - Function Definition . . . . . . . . . . . . . . . . . . 43
4.4 Definition of material for MRF. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 47
4.5 sections for ordinary loads checks . . . . . . . . . . . . . . . . . . . . . . . . . . . 48
4.6 Results of the design for seismic action . . . . . . . . . . . . . . . . . . . . . . . . 50
4.7 Modal Participating Mass Ratio. . . . . . . . . . . . . . . . . . . . . . . . . . . . . 53
4.8 Inter-storey drift for X and Y directions. . . . . . . . . . . . . . . . . . . . . . . . . 54
4.9 Second order effects . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 55
4.10 Checks of the MRF system in X directions . . . . . . . . . . . . . . . . . . . . . . . 57
4.11 Definition of short link length (EC8). . . . . . . . . . . . . . . . . . . . . . . . . . . 60
4.12 Modal Participating Mass Ratio . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 62
4.13 Results of the design for ordinary loads . . . . . . . . . . . . . . . . . . . . . . . . 64
4.14 Inter storey drifts for X – Y directions . . . . . . . . . . . . . . . . . . . . . . . . . . 66
4.15 Second order effects for EBF building . . . . . . . . . . . . . . . . . . . . . . . . . 66
4.16 Checks of the EBF system in X directions . . . . . . . . . . . . . . . . . . . . . . . 68
4.17 Checks of the EBF system in X directions . . . . . . . . . . . . . . . . . . . . . . . 69
4.18 Definition of materials for FUSEIS. . . . . . . . . . . . . . . . . . . . . . . . . . . . 71
4.19 Configurations of RBS sections (EuroCode8). . . . . . . . . . . . . . . . . . . . . . 73
4.20 Fuses beams sections and respective RBS . . . . . . . . . . . . . . . . . . . . . . . 74
4.21 Modal Participating Mass Ratio . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 75
4.22 Ultimate limit state checks . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 77
4.23 Serviceability limit state checks . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 77
4.24 Inter storey drifts for X – Y directions . . . . . . . . . . . . . . . . . . . . . . . . . . 80
4.25 Second order effects . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 80
xiii
List of Tables
4.26 Checks of the FUSEIS system in X directions . . . . . . . . . . . . . . . . . . . . . 82
5.1 Scale Factor for IM=PGA . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 91
5.2 values of Sai (T1,5%) corresponding to T1 = 1.50, for all 7 accelerograms . . . . 92
5.3 Scale Factor for IM = Sa(T1)g . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 92
5.4 Definition of plastic hinge in the beam. . . . . . . . . . . . . . . . . . . . . . . . . 103
5.5 Failure criteria for buildings with MRF. . . . . . . . . . . . . . . . . . . . . . . . . 105
5.6 Structural Performance Levels and Damage for Inter-storey drift [5] . . . . . . . 105
5.7 Structural Performance Levels and Damage for plastic rotation in the elements 106
5.8 Calculation of ductility, over-strength and behaviour factors, according FEMA 695108
5.9 Determination of Transformation Factor Γ . . . . . . . . . . . . . . . . . . . . . . 109
5.10 Comparison of results between dynamic linear (AD) and Pushover (PO) analysis 111
5.11 Configurations of RBS sections (Eurocode 8) . . . . . . . . . . . . . . . . . . . . . 113
5.12 Values for RBS . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 113
5.13 Calculation of ductility, over-strength and behaviour factors, according to FEMA
695 procedure . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 115
5.14 Evaluation of q-factor for MRFs according to modified Ballio-Setti procedure . 118
5.15 Definition of stiffness and of strength yield of link . . . . . . . . . . . . . . . . . . 120
5.16 Failure criteria for buildings with EBF.[7]. . . . . . . . . . . . . . . . . . . . . . . . 124
5.17 EBF: Structural Performance Levels and Damage . . . . . . . . . . . . . . . . . . 125
5.18 Definition of ultimate rotation of link . . . . . . . . . . . . . . . . . . . . . . . . . 126
5.19 Link deformation Capacity . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 126
5.20 Calculation of ductility, over-strength and behaviour factors. . . . . . . . . . . . 126
5.21 Determination of Transformation Factor Γ . . . . . . . . . . . . . . . . . . . . . . 128
5.22 From linear model to optimized model. . . . . . . . . . . . . . . . . . . . . . . . 130
5.23 Link deformation Capacity . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 132
5.24 Calculation of ductility, over-strength and behaviour factors according the EC8-
NTC limit for ultimate rotation = 0.08 radians. . . . . . . . . . . . . . . . . . . . . 132
5.25 Calculation of ductility, over-strength and behaviour factors, according the FEMA
356 limit for ultimate rotation = 0.14 radians . . . . . . . . . . . . . . . . . . . . . 132
5.26 Failure criteria for FUSEIS buildings . . . . . . . . . . . . . . . . . . . . . . . . . . 141
5.27 Acceptance criteria for non-linear hinge in the FUSEIS beams. [4] . . . . . . . . 142
5.28 Calculation of ductility, over-strength and behaviour factors. . . . . . . . . . . . 143
5.29 Determination of Transformation Factor Γ . . . . . . . . . . . . . . . . . . . . . . 144
5.30 Evaluation of q-factor for FUSEIS according to Ballio-Setti procedure . . . . . . 146
6.1 Summary of the linear analysis results with q = 3 . . . . . . . . . . . . . . . . . . 150
6.2 Summary of q-factor values obtained from pushover analysis with respect to
design value. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 150
6.3 Summary of effective q-factor values obtained from pushover and IDA analysis
with new solutions . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 151
6.4 Evaluation of cases studies. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 151
xiv
LIST OF ACRONYMS:
AD = Acceleration - Displacement format in N2 method
CBF = Concentrically Braced Frame
DL = Dynamic Linear analysis
DM = Damage Measure
EBF = Eccentrically Braced Frame
EC8 = Eurocode 8, UNI EN 1998-1
FEM = Finite Element Method
IDA = Incremental Dynamic Analysis
IM = Intensity Measure
MDOF = Multi-Degree-Of-Freedom
MRF = Moment Resisting Frame
OS = OpenSees
PGA = Peak Ground Acceleration
RBS = Reduced Beam Sections
Sa(T1) = Spectral Acceleration at the structure’s first-mode period
SDOF = Single Degree-Of-Freedom System
SF = Scale Factor
SPO = Static PushOver
SumUX = Sum of the effective modal masses in X direction
SumUY = Sum of the effective modal masses in Y direction
2MRF = two Moment Resisting Frames for direction
4MRF = four Moment Resisting Frames for direction
xv

1INTRODUCTION
Nowadays, a central issue, in seismic design, is the accurate evaluation of structural response
due to the large uncertainty in the non-linear complex behaviour of the buildings.
A correct design approach should consider the safety against actions at which the structure
may be subjected during its life-cycle, taking into account also maintenance, repairability and,
in general, cost-efficiency ratio . Especially, in order to obtain high structural efficiency , the
possibility of exploiting plastic resources and, thus, the dissipative capacity of the structure
shall be taken into account.
All modern codes on seismic design allow to adopt ductile systems able to dissipate seismic
energy stored in the building during the earthquake. The possibility of taking into account
the non-linear response of the structure, in fact, allows to consider lower values of the design
seismic action, and, as consequence, to avoid the over-sizing of the structural members in
which plastic deformations are expected to develop.
Such concepts are introduced in all current seismic codes through the adoption of the be-
haviour q-factor, so-called in Eurocode 8 (EN 1998-1:2004), and the capacity design (CD)
approach. The former is the coefficient that reduces the design seismic forces obtained from
linear analysis, with the aim to take into account the non-linear response of the structure.
The latter assures the development of plastic phenomena only in selected regions of the
structural members (critical zones), protecting, at the same time, all the other parts where
plastic deformations shall be very limited or completely absent.
Eurocode 8 gives a generic estimation of the q factor, generally related to the structural typol-
ogy. It should be noted that, the role of q-factor influences only the strength of all structural
elements and additional controls are required in terms of specific detailing and sizing rules to
guarantee dissipative capacity without brittle failure.
Certainly, this design approach leads to obtain safe structures, but, on the other hand, it shows
some inconsistency. For example, for many structures, displacement limits will be found to
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govern and, as a consequence, force-reduction factors will be less than code indicative limits,
since realistic values are used for stiffness in displacement checks. This implies the need for
iterative design, and, generally, increased design complexity.
Furthermore, as noted before, q-factor influences only the strength and it gives no information
on damage level; namely, there is no clear relationship between strength and damage. Thus,
it can happen that, two different buildings, designed to the same code and with the same
ductility factors, may experience different levels of damage under a given earthquake. This
means that both buildings will certainly safes, but they can not be competitive in terms of
cost/efficiency ratio in the same manner.
A new seismic design philosophy considers design procedure organized according to a multi-
level approach, called Performance Based Design, where the level of actions is related to
expected structural performance and to a maximum tolerable damage level.
This new procedure has introduced the integration of economic aspects in the structural
design, in terms of construction costs and economic losses due to damage levels associated to
fixed action levels.
The work of thesis will be focused on the evaluation of the seismic behaviour of steel construc-
tions. The assessment will be led in terms of dissipative capacity, cost/ efficiency ratio and
also repairability after strong earthquakes.
Analysis and design of three different structural types will be carried out, considering the same
architectural shape and vertical loads.
For the determination and definition of the cases studies, in terms of structural typology,
the present thesis refers to the framework of a European Research project MATCH (MATerial
CHoice for seismic resistant structures),funded by the R.F C.S 2013/2016, at which University
of Pisa is taking part.
The structural types are: Moment Resisting Frame (MRF), Eccentrically Braced Frame (EBF)
and the innovative FUSEIS system. The first two are conventional systems codified in all cur-
rent seismic codes, as European Code 8 (EC8), National Italian Code NTC08, while the latter
is a system developed within the research project FUSEIS (Dissipative Devices for Seismic
Resistant Steel Frames), designed according to apposite guideline.
Different methods of analysis will be carried out, first of all, standard linear analysis will
be led, adopting the same behaviour q-factor and detail rules according to Eurocode and
Italian Code. Then, with the aim to find the optimal design, non-linear analysis will be led. In
order to evaluate the effective dissipative capacity and, thus, the effective behaviour q-factor,
both static pushover analysis (SPO) and incremental dynamic analysis (IDA) will be carried
out. Finally, a comparison among these structural types will be led, so as to highlight their
performance in terms of lateral stiffness, ductility and repairability.
2
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2SEISMIC DESIGN PHILOSOPHY
2.1 Overview
The current philosophy of seismic design is based on the evaluation of structural response in
consequence of a seismic demand associated with a specific return period.
The seismic demand is also related to a series of factors reflecting the influence of structural
period, loading characteristics, site soil condition, structural inelastic behaviour, importance
of the structure etc.
According to this design philosophy, all current building codes should specify that seismic
resistant systems must be designed to meet, the following requirements, each with an adequate
degree of reliability:
• No-collapse;
• Damage limitation
In regard to no-collapse requirement, the structure must be intended to resist the design
seismic action. This is expressed in terms of a seismic action associated with a reference prob-
ability of exceedance, PNC R , in 50 years or a reference return period TNC R , the recommended
values are PNC R = 10% and TNC R = 475 years.
As for limitation requirement, the structure must be designed to withstand a seismic ac-
tion having a larger probability of occurrence than the design seismic action, without the
occurrence of damage and the associated limitations of use, the costs of which would be
disproportionately high in comparison with the costs of the structure itself . [1].
In order to satisfy the above mentioned requirements, the following limit states must be
checked: ultimate limit states and damage limitation states. Damage limitation states concern
5
Chapter 2. Seismic design philosophy
displacement and drift. Instead ultimate limit states ask for the verification that the structural
system has both resistance and energy dissipation capacity.
2.2 Dissipative behaviour of structures and capacity design
The resistance and energy-dissipation capacity to be assigned to the structure are related to
the extent to which its non-linear response is to be exploited. Buildings can be classified as
structures with a:
(a) non-dissipative behaviour
(b) dissipative behaviour
In case (a), the structures are conceived to withstand seismic actions through an elastic be-
haviour without the use of dissipative capacity.
In the (b) case, structures are conceived to exploit the structural ductility, that is, the ability
of a structure to undergo large amplitude cyclic deformations in the inelastic range without
substantial reductions in strength.
Ductile structures are able to dissipate significant amounts of energy during those cyclic
deformations.
The ductility of the structure can be defined at different levels:
• material ductility, which characterizes the material plastic deformations;
• cross-section ductility, or curvature ductility, which refers to the plastic deformations
of the cross-section, considering the interactions between the parts composing the
cross-sections itself;
• member ductility, or rotation curvature, when the properties of members are considered;
• structure ductility, or displacement ductility, which considers the overall behaviour of
the structure;
• energy ductility, when the ductility is considered at the level of dissipated seismic energy.
Certainly, a correlation among these types of ductility exists. The energy ductility is the cumu-
lation of structure and member ductilities; the member ductility depends on cross-section
and material ductility.
As regards cross-section ductility, the plastic behaviour of a structure depends upon the de-
velopment of a high rotation capacity without secondary effects, such as flexural-torsional
instability, local buckling or brittle fracture of members.
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For this reason, in design practice, the following cross-section behavioural classes are used:
class 1 (plastic sections): sections belonging at the first class are characterized by
the capability to develop a plastic hinge with high rotation
capacity;
class 2 (compact sections): second class sections are able to provide their maximum
plastic flexural strength, but they have a limited rotation
capacity, due to some local effects;
class 3 (semi-compact effects): sections fall in third class when the bending moment
capacity for the first yielding can be attained, without
reaching the plastic redistribution of moments;
class 4 (slender sections): sections belonging to this class are not able to develop
their total flexural resistance due a the premature occur-
rence of local buckling in their compression parts.
Figure 2.1 shows the cross-section behavioural classes.
Figure 2.1
Cross-sectional ductility classes.
Evidently, only the first two classes have sufficient ductility to assure plastic redistribution of
moments, thus, to achieve a dissipative behaviour of the structure, only the first class of the
sections must be used.
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With regard to member ductility, there is a further classification at the level of members:
- High Ductility class (HD): corresponds to a member for which the design, dimen-
sioning and detailed provisions are such that they ensure
the development of large plastic rotations;
- Medium Ductility class (MD): corresponds to a member designed, dimensioned and
detailed to assure moderate plastic rotations;
- Low Ductility class (LD) : corresponds to a member designed, dimensioned and
detailed to assure low plastic rotations only.
Figure 2.2 shows the member ductility classes.
Figure 2.2
Member behaviour classes.
In seismic design two different ductility types shall be evaluated:
- available ductility, resulting from the behaviour of structures and taking into account its
conformation, material properties, cross-section type, gravitational loads, degradation
in stiffness and strength due to plastic excursions, etc.;
- required ductility, resulting from earthquake actions, in which all factors influencing
these actions are considered: magnitude, ground motion type, soil influence, natural
period of structure, etc.
The former represents the capacity of structure and the latter represents the seismic demand,
in terms of ductility. Obviously, available ductility must be greater than required ductility.
The real dissipative behaviour of a structure can be captured with a non-linear analysis, but it
can be implicitly taken into account in a linear analysis as well. In fact, with the latter method,
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seismic design forces are much lower than the ones generated by design level earthquakes (in
structures responding elastically).
Elastic earthquake actions are reduced to design level forces by dividing them with the so-
called response reduction factor (R) or behaviour factor (q). All current building codes in-
troduce the reduction resistant q-factor or simply behaviour factor q” (Eurocode 8), or also
called "response modification factor R” by NEHRP (National Earthquake Hazards Reduction
Program), or structural system factor Rw” by SEAOC (Structural Engineers Association of
California, 1990). This factor depends primarily on the capacity of the structure to sustain
inelastic deformations, its energy dissipation capacity, its over-strength and the stability of its
vertical load carrying system during the maximum induced inelastic deformations.
The evaluation of the q-factor, as representative of structural ductility, is the most critical
aspect in seismic design, since such a factor accounts implicitly for inelastic response, the
presence of damping and other force reducing effects, such as period elongation (stiffness
degradation) and soil-structure interaction
Current seismic design codes provide maximum allowable q-factors values for a range of
structural configurations and forms of construction.The different classes of ductility are de-
fined with progressively higher values of behaviour factor and correspondingly more stringent
detailing requirements, necessary to mobilise certain minimum ductility levels.
The assessment of behaviour factors is performed by means of a non-linear analysis, as it will
be shown in the following chapters.
In order to maximize the exploitation of structural inelastic resources the "capacity design"
philosophy will be applied.
Capacity design method is a very efficient design procedure which leads to benign and tolerant
inelastic response and a high degree of protection against collapse of structures subjected to
severe earthquakes.
Therefore , in order to design a structure with dissipative behaviour, the capacity design
procedure is followed, as summarised below:
1. preliminary design of the structure;
2. derivation of seismic design forces;
3. design of structural component:
3a. choose a suitable mechanism to dissipate energy;
3b. determine critical sections after inelastic redistribution;
3c. proportion and detail plastic hinge regions;
3d. proportion and detail parts of the structure intended to remain elastic.
In conventional design, all structural components are dimensioned and checked to meet the
requirements of the design forces derived by the analysis. While in the capacity design, the
9
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members that shall be exploited for their dissipative behaviour are dimensioned and checked
with design forces derived by the analysis (point 3c), instead, the other members or regions
of members are designed to have an over-strength than the critical sections with dissipative
behaviour , in such a way they remain in elastic domain and brittle failure can be avoided
(point 3d).
This means that in structures designed for ductile seismic response, the locations of potential
plastic hinge region are deliberately chosen to enable the development of a suitable plastic
mechanism.
Plastic hinge regions are designed and detailed for adequate ductility. All other regions are
provided with additional strength.
The procedure so defined ensures that only a rationally chosen energy dissipating mechanism
may develop and be sustained even after large structural deformations.
The main aim of capacity design is to avoid local collapse mechanisms in favour of global ones.
It can be more easily understood by referring to the "Strong Column-Weak Beam" concept. In
structures with "Strong column-weak beam" , beam yield first than column so that column
sway mechanism is avoided in the structure.
Figure 2.3 the "Strong Column-Weak Beam" concept shows: with an equal displacement
(∆pl ast i c ), the demand in terms of plastic rotational capacity on structural elements in case
(a) is reduced than case (b), θpl ast i c,2 > θpl ast i c,1, since in case (a) plastic deformations are
spread all over the structure. If a sufficient number of plastic hinges develops in a frame, as
in (a), a global mechanism is formed and the frame can deform laterally in a plastic manner.
This behaviour is accompanied by significant energy dissipation. Instead, the formation of
hinges in columns, as opposed to beams, is undesirable, as this may result in the formation
of mechanisms with few elements participating, so called " story mechanisms ”, as shown
in case (b) and consequently little energy dissipation throughout the structure. Following
the principles of capacity design, it is possible to reduce the required ductility, during an
earthquake, in terms of plastic rotations.
Figure 2.3
Collapse mechanisms versus seismic energy dissipation.
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To sum up, the main advantages of capacity design are:
• plastic deformations can occur only at predetermined locations: the designer can "tell"
the structure exactly where plastic hinges must occur and where they are not desired.
• A suitable mechanism for energy dissipation is deliberately and chosen.
• A hierarchy fo strength within the system is clearly defined.
• Local ductility demands will be within expected limits, because of the rationally chosen
energy dissipation system, local ductility and global ductility correspond to the chosen
design ductility class;
• A high degree of protection against collapse;
• Economic advantages.
In conclusion, this method of capacity design provides a simple, rational deterministic design
tool that will ensure the well-conditioned inelastic seismic response of structures. Moreover, it
ensures a high degree of protection against collapse and, for this reason, it is a standard tool in
seismic design.
2.3 New guidelines: Performance Based Design (PBD)
Conventional methods of seismic design based on limit states have the purpose to ensure life
safety (strength and ductility) and damage control (service ability drift limits).
A natural evolution of limit states philosophy is represented by Performance Based Design
(PDB). Performance-based design is a more general design philosophy in which the design
criteria are expressed in terms of achieving stated performance objectives when the structure
is subjected to stated levels of seismic hazard. The performance targets may be a level of
stress not to be exceeded, a load, a displacement, a limit state or a target damage state. In fact,
Performance Based Design is a new approach that encloses traditional methods of seismic
design as limit states philosophy since a limit state can be taken as one form of performance
target .
For a defined performance of a structure in terms of damage state, strain and deformation
are better indicators than stresses. The use of serviceability limit strains allows to achieve
a consistent level of assessment. To reduce the high costs associated with loss of use and
repair of heavily damaged structures, different levels of performance objectives need to be
considered.
For this reason the most appropriate definition is that performance-based design refers to the
methodology in which structural design criteria are expressed in terms of achieving multiple
performance objectives.
Using this method, seismic design is based on performance criteria that depend on the
11
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structure itself. Three documents are credited with laying the foundation for performance-
based design concepts:
a. SEAOC Vision 2000;
b. ATC 40;
c. FEMA 273 and 274
These documents attempted to develop procedures that can be used as seismic provisions in
building codes. Each performance objective is defined by one performance level coupled with
specific earthquake hazard level with increasing return period.
Each of these seismic design guides defines performance levels, using slightly different names,
but generally identical contents. Four performance levels are defined. Table 2.1, summarizes
the performance levels defined in SEAOC Vision 2000 document:
Table 2.1
Performance levels according to SEAOC Vision 2000.
Fully Operational −→ Continuous service.
Negligible structural and non-structural damage
Operational −→
Most operations and functions can resume immediately.
Structure safe for occupancy
Repair required to restore some non-essential services
Damage is light.
Life Safe −→
Damage is moderate, but structure remains stable.
Life safety is generally protected.
Building may be evacuated following earthquake
Repair possible, but may be economically impractical
Near Collapse −→
Damage severe, but structural collapse prevented.
Non-structural elements may fall.
Building may be evacuated following earthquake
Repair generally not possible.
FEMA suggests the same performance levels but for example "Fully Operational" level is called
"Immediate Occupancy" and "Near Collapse" is called "Collapse Prevention". In all cases,
these seismic design guides agree on achieving multiple performance objectives.
Therefore each performance level is associated with earthquake hazard and design levels.
Some of the proposed earthquake hazard levels are listed in Table 2.2.
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Table 2.2
proposed earthquake hazard levels
Earthquake frequency Return period in years Probability of exceedance
Frequent 43 50% in 30 years
Occasional 72 50% in 50 years
rare 475 10% in 50 years
Very rare 970 5% in 50 years
Extremaly rare 2475 2 % in 50 years
Each combination of an earthquake return period and performance level, represents a specific
design performance objective. The intent is that:
- in response to a seismic event, ordinary buildings provide a low risk to endanger people’s
lives;
- for frequent earthquakes, the building user will not be burdened with extensive repairs
or loss of use;
- buildings required for emergency response and essential public function;
- have a low risk of being damaged beyond a level that would permit their use.
The performance evaluation consists of a structural analysis with computed demands on
structural elements compared against specific acceptance criteria provided for each of the
various performance levels. This is in contrast to the approach taken by current building
code provisions,( wherein a single performance evaluation is required), concerning Life Safety
performance under a specified level of ground motion, termed Design Basis Earthquake. The
performance target can be specified limits on any response parameter such as stresses, strains,
displacements, accelerations, etc. It is appealing to express the performance objective in
terms of a specific damage state or the probability of failure against a prescribed probability
demand level. For example, table 2.3 shows performance levels, corresponding damage state
and drift limits. Obviously, drift levels associated with specific damage categories may vary
considerably with the structural system and construction material.
Table 2.3
Performance levels, corresponding damage state and drift limits.
performance level damage state Drift
Fully operational no damage < 0.2%
Operational Repairable < 0.5%
Life safe Irreparable < 1.5%
near collapse Severe < 2.5%
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The general methodology for performance-based design may include various approaches. For
example, in one approach a traditional force-based analysis is conducted and, one the design
is completed, deformation and damage may be estimated and checked against established
displacement limits. Other approaches may start by establishing the displacement or drift
associated with a certain performance, proportioning the structure and then conduct the
response analysis.
In order to achieve the objectives of a performance-based seismic design with displacement
based performance criteria, the most suitable approach appears to be the deformation- con-
trolled design.
Acceptable procedures for design evaluation include:
1. elastic analysis:
2. component-based elastic analysis procedure:
3. simplified non-linear analysis method;
4. dynamic non-linear analysis.
Simplified non-linear analysis methods are based on pushover analysis, in order to determine
capacity, and on design spectrum to represent demand. Some recent developments include
the N2 method.
At each design step, design evaluations may involve response parameters such as stresses, drift
and deformation, structural accelerations, ductility demand ratios and energy dissipation in
terms of demand versus capacity. Typical limiting values for these response parameters need
to be established for each performance level through research including laboratory testing
of specific components. The limiting values may be calibrated by analysing buildings that
have experienced measurable damage in seismic events for which strong motion records are
available.
In conclusion, it can be said that there is a general agreement that future seismic design
needs to be based on defined multiple performance objectives and associated earthquake
hazard levels. The advantage of performance-based design is the possibility of achieving
predictable seismic performance with a uniform risk. However, the reliability of this approach
may ultimately depend on the development of explicit and quantifiable performance criteria
that can be related to response parameters (which can be calculated) such as stresses, strains,
displacements, accelerations and their derivatives.
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3METHODS OF ANALYSIS
3.1 Overview
Assessment of the seismic response of buildings should provide load distributions and dis-
placements resulting from design seismic action. In particular, the analysis should evaluate
seismic demand in terms of strength and ductility within each structural element, taking part
in the absorption of seismic forces.
According to Eurocode 8 the seismic effects may be determined using both linear-elastic
analysis and non-linear methods, as shown in Figure 3.1:
Seismic Analysis
Linear
Static
Lateral Force
Method of analy-
sis
Dynamic
Modal Responce
Spectrum analy-
sis
Non-Linear
Static
Pushover
analysis
Dynamic
Dynamic
Analysis
Figure 3.1
Methods of Seismic Analyis [1].
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Each of these methods can be applied
if able to represent the correct seismic
response of building. Moreover, it can
be used one or the other type of analysis
depending on the knowledge of the build-
ing. In fact, in order to achieve reliability
and representative results , the whole
knowledge of mechanical properties of
building is necessary.
Figure 3.2
Linear analysis versus non-linear analysis.
In linear analysis, design seismic forces are reduced by the structural behaviour factor accord-
ing to the local and global plastic behaviours of the building.
To carry out these methods, the building design should apply specific design criteria of struc-
tural regularity, quality of used materials and detailing rules, in addition to specific checks, so
that the plastic behaviour of the building can be accounted for by linear-elastic analysis.
This implies that, depending on the structural characteristics of the building, one of the
following two types of linear-elastic analysis may be used:
• lateral force method of analysis ;
• modal response spectrum analysis.
Linear analysis methods are able to represent the global plastic behaviour in an easy manner
but, at the same time, they are not able to represent seismic response in each structural
element and, thus, to grasp the alteration of the building during the yielding of elements.
In contrast with of linear methods, non-linear ones are able to provide informations about
the distribution of inelastic seismic demand in each elements. This is possible because in
non-linear analysis, all the phenomena, such as second order effects, loss of stiffness, large
displacements/rotations, are taken into account.
Non-linear methods can be differentiated as:
• non-linear static (pushover) analysis;
• non-linear dynamic analysis.
A sophisticated non-linear analysis requires an in-depth knowledge of the building.
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3.2 Linear analysis
3.2.1 Lateral force method of analysis
According to this method, the building is assumed as an elastic linear system and the seismic
action is provided by horizontal static forces.
Only fundamental period of the structure is taken into account in both directions. Once the
fundamental period is known, seismic base shear force can be determined knowing the total
mass of the building and the ordinate of the design spectrum. In this way, the analysis provides
seismic demand data to compare with the capacity of the building.
This type of analysis may be applied to buildings whose response is not significantly affected
by contributions from modes of vibration higher than the fundamental one.
Horizontal seismic forces distribution along the height may be obtained as soon as the storey
mass and the heights above the level of seismic application are known. The accidental tor-
sional effects may be accounted for by multiplying the seismic action effects by an amount
that depends on the centre of the mass position.
3.2.2 Modal response spectrum analysis
The modal response spectrum analysis examines all modes of vibration that contribute signifi-
cantly to the global response. In fact, this method calculates maximum stress and displace-
ment associated with each vibration mode of the structure using an elastic ground acceleration
response spectrum. Obviously, the structures are supposed to be elastic linear.
The response of all modes of vibration taken into consideration is properly analysed if the
sum of the effective modal masses, for the modes taken into account, amounts to at least 90%
of the total mass of the structure and all modes with effective modal masses greater than 5%
of the total mass are taken into account. (EC8 4.3.3.3.1.3).
The "Complete Quadratic Combination" (CQC) shall be adopted for the combination of modal
responses. . Regarding the torsional effects, a torsional moment shall be applied at each storey
depending on the accidental eccentricity of storey mass.
3.3 Non-linear analysis
The non-linear analysis evaluates the following phenomena that affects the non-linear be-
haviour of the structures:
• Geometric non-linearity (as large displacements, second order effects), arises when the
seismic displacements in the structure are so large that they do not vary proportionally
with loads so that the initial configuration cannot be mistaken for the final configuration.
19
Chapter 3. Methods of analysis
• Material non-linearity (as loss of stiffness and strength, irreversible deformations, cyclic
behaviour)occurs when the materials of structures exceed elastic behaviour limits.
As far as Geometric non-linearity are concerned, taking the deformed configuration into
account leads an high computational burden because the stiffness matrix of the structure has
to be updated at each integration step. This burden is justified only for flexible structures in
which the second order effects cannot be neglected.
As for Material Non-linearity , the recent codes aallow two approaches for frame systems:
Plastic Hinges modelling and Fibre Modelling.
• Plastic Hinges modelling : all elements of structure are modelled with linear behaviour.
Only some parts are modelled with a non-linear behaviour (plastic hinge).
The positive aspect is that the model works
with elastic elements and the non-linear
behaviour is concentrated in only small area
(usually at the ends of elements, as shown in
Figure 3.3 ).
The negative aspect is that, in order to un-
derstand how and where to assign these
non-linear parts of the elements, the user has
to grasp the real non-linear behaviour of the
building.
Figure 3.3
Scheme of the elastic elements with plastic hinge.
The difficulty consists in:
- estimating the correct load-deformation relationship, taken from test results, litera-
ture or already accounted for in the software
- estimating the correct equivalent length of the plastic hinge so that the deformation
is similar to the real one
• Fiber Modelling:all the elements are modelled with an non- linear behaviour through
the use of fibre elements. The stress and deformation of the whole section are obtained
integrating the stress and deformation of each fibre in which the section is divided.
This type of modelling has a greater computational burden compared with the plastic
hinges one, but it is easier for the user since "only" geometric characteristics and the
cyclic anelastic behaviour of the material have to be defined. The difficulty is the choice
of a suitable material’s stress-strain curve, among those proposed in literature and
implemented in the software.
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Figure 3.4
Example of fibre modelling of structural element in concrete.
3.3.1 Non-linear static analysis (Pushover analysis)
Pushover analysis is non-linear static analysis carried out under conditions of constant gravity
loads and monotonically increasing horizontal loads. It may be applied to verify the structural
performance in terms of over strength and ductility and to estimate the expected plastic
mechanisms and the distribution of damage.
The procedure is an incremental-iterative solution of the static equilibrium equations. The
forcing function is a set of displacements or forces that are necessarily kept constant during
the analysis. During each increment the resistance of the structure is evaluated from the
internal equilibrium conditions and the stiffness matrix is updated under certain conditions
dependent on the iterative scheme adopted. The out-of-balance forces are re-applied if they
are deemed large until a convergence criterion is satisfied. At convergence, the stiffness matrix
is necessarily updated and another increment of displacements or forces is applied. The
solution proceeds either until a pre defined limit state is reached, or the program fails to
converge.
Regarding the lateral load distribution, at least two different patterns should be applied:
- a “uniform” pattern, based on lateral forces that are proportional to mass regardless of
elevation ;
- a “modal” pattern, proportional to lateral forces consistent with the lateral force distribution
in the direction under consideration determined in elastic analysis.
The choose of these load distributions arises from the consideration that the lateral loads
distribution should approach inertial forces distribution during the earthquake.
Comparing the dynamic analysis results, it could be noticed that the modal load distribution
21
Chapter 3. Methods of analysis
detects better the elastic dynamic response of the structure, while the uniform load distribu-
tion detects the anelastic one.
Lateral loads should be applied at the location of the masses in the spatial model. Alternatively,
two independent analyses with lateral loads applied in one direction only may be performed
In conclusion, the pushover analysis determines the relation between base shear force and
the control displacement (the “capacity curve”). This control displacement may be taken at
the centre of mass of the building’s roof.
Figure 3.5
Example of modal load distribution to determine capacity curve.
The capacity curve shows only the capacity of structure and should be compared with the
seismic demand. If the capacity satisfies the demand, within acceptable limits of deformations,
the structure is adequate, otherwise either the supply is increased (stiffness, strength and/or
ductility),or demand is lowered.
The seismic demand derived from the elastic response spectrum in terms of the displacement
shall be defined in an equivalent single degree of freedom system (SDOF). In fact, the pass
from real structure, multiple degree of freedom system (MDOF), to single degree of freedom
system allows to use the elastic response spectrum informations and, thus, to calculate the
forces at which the structure has to be able to resist at different limit states.
There are several methods to compare seismic demand with the structural capacity within the
non-linear static method. One of these , acknowledged by Eurocodes and the National Italian
code as well, is N2-Method or determination of the target displacement for non-linear static
analysis (Annex B by EC8) .
The N2-Method was developed by Peter Fajfar, from the University of Ljubljana, and it com-
bines the non-linear static analysis with response spectra approach. The N2-Method will be
described later in the chapter regarding the non-linear analysis of case studies.
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3.3.2 Non-Linear dynamic analysis
Non-linear dynamic analysis, also called time-history analysis [Eurocode8], evaluates dynamic
structural response under loading which may vary according to the specified time function.
Dynamic equilibrium equations can be solved through direct numerical integration of its
differential equations of motion, using the accelerograms to represent the ground motions.
Among several methods of non-linear dynamic analysis, incremental dynamic analysis (IDA)
has recently emerged. Follow, a brief description of incremental dynamic analysis will be
stated.
Incremental dynamic analysis (IDA)
Incremental dynamic analysis is a parametric non-linear dynamic analysis method to estimate
more thoroughly structural performance under seismic loads.
It involves subjecting a structural model to one (or more) ground motion record(s), each scaled
to multiple levels of intensity, thus producing one (or more) curve(s) of response parametrized
versus intensity level.
IDA addresses both demand and capacity of structures, unlike pushover analysis that shall
resort to methods about definition of target displacements (as N2 method) to compare demand
and capacity .
If the pushover analysis offers a “continuous” picture as the complete range of structural
behaviour , from elasticity to yielding and finally collapse, IDAs produces several “single-
point” analyses, not greatly facilitating user understanding.
The positive aspects of IDAs are a thorough understanding of the range of response versus the
range of potential levels of a ground motion record, a better understanding of the structural
implications of more severe ground motion levels or in general, estimates of the dynamic
capacity of the global structural system.
The first step to scale an acceleration time history is that to assume unscaled accelerogram a1,
selected from a ground motion database, as a vector with elements a1(ti ) and, thus, uniformly
scaling up or down the amplitudes by a scalar λ ∈ (0,+∞) : aλ = λ · a1, where aλ is scaled
accelerogram.
In order to understand the concept of scaling an acceleration time history some definitions
shall be introduced [3]:
1. Scale Factor (SF) of a scaled accelerogram, aλ , is the non-negative scalarλ ∈ (0,+∞) that
produces aλ when multiplicatively applied to the unscaled acceleration time-history
a1. Namely, a value of λ= 1 signifies the original accelerogram, λ< 1 is a scaled-down
accelerogram.
2. A Monotonic Scalable Ground Motion Intensity Measure (IM) of a scaled accelerogram,
aλ , is a non-negative scalar IM ∈ (0,+∞) that constitutes a function, IM = fa1(λ), that
depends on the unscaled accelerogram, a1, and is monotonically increasing with the
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scale factor, λ. Common examples of scalable IMs are the Peak Ground Acceleration
(PGA), Peak Ground Velocity, the ξ= 5% damped, Spectral Acceleration at the structure’s
first-mode period (Sa(T1;5%)). These IMs also have the property of being proportional
to the SF as they satisfy the relation I Mpr op =λ · fa1.
3. Damage Measure (DM) is a non-negative scalar DM ∈ (0,+∞) that characterizes the
additional response of the structural model due to a prescribed seismic loading. In
other words a DM is an observable quantity that is part of, or can be deduced from, the
output of the corresponding non-linear dynamic analysis. Possible choices could be
maximum base shear, node rotations, peak storey ductilities, peak roof drift, the floor
peak inter-storey drift angles of storey structure.
4. Single-Record IDA Study is a dynamic analysis study of a given structural model
parametrized by the scale factor of the given ground motion time history. At each
IDA study correspond an accelerogram and structural model specific.
5. IDA Curve is a plot of a state variable (DM) recorded in an IDA study versus one or more
IMs that characterize the applied scaled accelerogram. As is evident, the results of an
IDA study can be presented in a multitude of different IDA curves, depending on the
choices of IMs and DM.
6. A Multi-Record IDA Study is a collection of single-record IDA studies of the same struc-
tural model, under different accelerograms.
7. An IDA Curve Set is a collection of IDA curves of the same structural model under
different accelerograms, that are all parametrized on the same IMs and DM.
Figure 3.6 shows an example of information extracted from a multi-record IDA study for thirty
records , the Spectral Acceleration at the structure’s first-mode period (Sa(T1;5%) is plotted as
Intensity Measure (IM) and the maximum inter-storey drift as Damage Measure (DM). It can
be noticed that all curves exhibit an identical elastic linear region that characterizes elastic
“stiffness " for the given DM and IM.
The IDA curve contains the necessary information to assess performance levels or limit-states.
For example, Immediate Occupancy is a structural performance level that has been associated
with reaching a given DM value, while Global Collapse is related to the IM or DM value where
dynamic instability is observed.
There are several rules to assess the performance levels, as DM-based rule or IM-based rule,
depending on how to define the capacity point, beyond this point, the collapse region starts.
Here, a DM-based rule, advantageous in terms of simplicity and ease of implementation, is
defined.
Here we will introduce a DM-based rule, advantageous for its simplicity and ease of imple-
mentation.
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Figure 3.6
An example of information extracted from IDA study for thirty records on a T1 = 1.8sec, 5-storey steel
braced frame.[3]
The idea is that DM is a damage indicator, hence, when it increases beyond a certain value the
structural model is assumed to be in the limit-state..
This can be more easily seen in Figure 3.7.
Figure 3.7
The DM rule to produce the capacity point. [3]
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The rule is : when DM ≥ CDM the limit-state is exceeded , the first point that "meets" the
limit-state value (CDM ), as a 0.08 radians for maximum inter-story drift ratio,is the capacity
point at which the collapse IM of the structure corresponds.
Obviously, the IDA can be highly dependent on the record chosen, so a sufficient number of
records will be needed to cover the full range of responses.
As for the "validity" of DM results, both weak and strong records, can be scaled and the median
result(or statistic values), is a good representation of them. Furthermore, there is a variety of
demands that concern efficiency, accuracy and practicality, and are associated with the wise
choice of the IM. It can be said that a desirable property of a potential IM is the small dispersion
of results, but it depends on structure, on selected accelerograms (natural or artificial) and
seismicity characterization.
Comparing the IDA and Pushover curves, it can noticed how the two elastic regions match,
including the first sign of non-linearity. Clearly, both the IDA and SPO curves should show
similar ranges of DM values, but, however, the IDA always increases much more than the
pushover in IM terms, as shown in figure 3.8.
Figure 3.8
An example of the median IDA versus the Static Pushover curve [3]
In conclusion, the results of Incremental Dynamic Analyses of structures suggest that the
method might become a valuable additional tool of seismic engineering, even if not yet
user-friendly in practice.
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4SEISMIC DESIGN OF CASES STUDIES
4.1 Selection of cases studies
In this chapter three structural systems, examined and designed in this thesis, will be briefly
presented. Their advantages and disadvantages in regards to the linear and then non-linear
behaviour under seismic actions will be evaluated and the main differences will be highlighted,
particularly in terms of stiffness and ductility.
The evaluated systems are:
• Moment Resisting Frame (MRF);
• Eccentrically Braced Frame (EBF);
• Fuseis system (FUSEIS).
Figure 4.1
Three cases studies: Moment Resisting Frames (a), Eccentrically Braced Frames (b), Fuseis systems (c).
Below, a brief description of these structural types is provided.
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4.1.1 Moment Resisting Frames (MRF)
Moment Resisting Frames (MRF) are structures characterized by group of beams and columns.
In these systems the horizontal forces are mainly resisted by members acting in an essentially
flexural manner.
Due to the span of the beams (usually 6-8m) , these frames are characterized by an excessive
flexibility. For this reason, they are structures with high fundamental period (it is typical to
find them in the descending part of the response spectrum). This leads to reduced design
seismic forces, but larger displacements.
In the moment resisting frames the rigidity of the connections must be guaranteed.
Figure 4.2
Typical moment resisting frames.
In order to achieve a ductile behaviour under seismic actions, the design target of these
systems is the development of plastic hinges in the beams, at the base of the frame and/or at
the top of the columns in the upper storey of multi-storey buildings. This way the energy is
dissipated by means of cyclic bending.
In this context the so-called strong-column-weak-beam design is employed, avoiding local
collapse mechanisms in favour of global ones. If a sufficient number of plastic hinges are
developed in a frame, they form a global mechanism and the frame warps laterally in a
plastic manner. This behaviour is accompanied by a significant energy dissipation. Instead,
the formation of hinges in columns, as opposed to beams, is undesirable. It may result
in the formation of mechanisms with relatively few elements participating, the so called
“story mechanisms,” and consequently little energy dissipation throughout the structure, as
previously shown.
This concept can be more easily described in this way: the greater the number of plastic hinges,
the greater the attainable ductility and therefore the dissipative capacity of the structure.
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Furthermore,P −∆ effects are less important if the hinges are not in the columns.Another
considerable advantage of developing plastic hinges in the beams is that the partial damage at
the extremities of the beams does not necessarily trigger the collapse of the whole structure,
limiting the damage to only partial collapse of the column.
For all the above mentioned reasons, in order to achieve reliable performance of these struc-
tures, the columns, the panel zone and all the connections have to be designed according to
the capacity design, so they have to be over-sized than the beam. Respecting this requirement
is an onerous task for whole structure since it influences considerably the cross section size
and the cost of connections. The beam-to-column connections and their ability to transfer
moments are of pivotal importance but, at the same time, together with the low stiffness, are
the weak points of MRFs.
Moreover, fully restrained beam-column connections should be used to join the flanges of the
beam to the column. These connections must be configured to ensure that inelastic behaviour
occurs through ductile yielding of elements, rather than brittle failure, such as shearing or
elongation of bolts. . Therefore it should be found a way to move the plastic hinges away from
the column face, where performance is more dependent on the material and workmanship of
the welded joint. SThis can be done either by local reinforcement of the beam flanges in the
connection area, or by locally reducing the cross section of the beam at a distance away from
the connection. In the latter case, circular radius cuts, in the top and bottom flanges of the
beam, are usually used. These sections are commonly called “dogbones” and the connections
are called Reduced Beam Section connections (RBS or DogBone), as shown in figure 4.3.
Figure 4.3
Local reinforcement of the beam and reduced beam section connections (RBS).
The study of these sections has been developing for some decade, since, starting from the 60s,
welded steel moment-frame buildings were regarded as the most ductile systems. The 1994
Northridge earthquake challenged this belief. Following that earthquake, a number of steel
moment-frame buildings were found to have experienced brittle fractures of beam-to column
connections and the solution with the reduced beam section gained a wider consideration as
a smart solution to the problem.
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More information on the reduced beam sections will be provided ahead in the chapter.
4.1.2 Eccentrically Braced Frames (EBF)
Eccentrically braced frames are a lateral load-resisting system for steel buildings that can be
considered a hybrid between conventional moment-resisting frames (MRF) and concentrically
braced frames (CBF). This system was presented by Popov in the middle of the 70s, in order to
minimize the disadvantages of the the MRFs and CBFs, because they combine high lateral
stiffness, due to bracing elements, and high capacities to absorb energy against immense
lateral loads such as strong seismic actions.
(a) Eccentrically braced frames with short seismic
links.
(b) Eccentrically braced frames with long seismic
links.
Figure 4.4
Examples of eccentrically braced frames with horizontal links.
In the EBF system, instead of braced connection with the intersection point of beam and
column or braced axis intersection, diagonal elements are placed eccentrically in respect to
the adjoining beams or columns. The component placed between two diagonals, between a
diagonal and the column, or between the diagonals and the beam is called seismic Link and
can be either horizontal or vertical, as shown in Figures 4.5 and 4.4.
Figure 4.5
Eccentrically braced frames with horizontal links a), b), c) and with vertical links d)
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In eccentrically braced frames, the dissipative elements are the beam links and they have to
be designed with the aim to cope with great plastic rotations.
The cross sections of the seismic links are usually doubly symmetric I- or H-profiles.
. According to the capacity design, all the structural elements and connections have to be
over-sized with respect to the seismic link. In such a way, the link acts as a ductile fuse and
protects the integrity of the structure.
Different seismic behaviours are obtained in relation to the length of link. A shear yielding
mechanism is achieved with sufficiently short link , while flexural one is achieved with long
beams.
The limit values to pass from short to long or intermediate links are indicated in the national
and European codes and they depend on the ratio among plastic moment and plastic shear of
link beam.
According to several researches in this field, the shear yielding mechanism of short link beams
is better than the flexural one in long beams because the shear force is constant throughout
the length of the link beam. Moreover the non-linear shear strain is distributed uniformly
leading to a large non-linear rotation of the link beam without development of large local
strains.
Figure 4.6 shows hysteretic behaviour of (a)unstiffened shear link; (b) stiffened shear link.
(a) Unstiffened shear link. (b) EBF after testing: stiffened shear
link.
Figure 4.6
Eccentrically braced frames: hysteretic behaviour of (a) unstiffened shear link; (b) stiffened shear link
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The web buckling shortly after the shear yielding could cause deterioration of the load-carrying
capacity resulting in poor energy dissipation and ductility. In order to cope this problem and to
improve the link performance, the web stiffners are employed. In this way, the histeretic loops
remain full for a large number of severe loading cycles, indicating huge energy dissipation
capacity.
Eccentric braced frames have been employed for many decades worldwide. For example,
their good behaviour to strong seismic motions has been proven during the New Zeeland
(Christchurch) earthquake in 2011.
4.1.3 FUSEIS systems
FUSEIS systems are innovative seismic resistant systems, developed, some years ago, in the
research project "FUSEIS: Dissipative Devices for Seismic Resistant Steel Frames" (Acronym:
FUSEIS), in which Prof. I. Vayas, from National Technical University of Athens (NTUA), was
the coordinator.
FUSEIS system is able to dissipate energy
by means of inelastic deformations and
combines ductility and architectural trans-
parency with stiffness. In fact, it consti-
tutes an architecturally versatile solution
for the lateral stability of building struc-
tures compared to the braced frames as
they can be positioned in small areas of
the building and do not interrupt the ar-
chitectural plan. They can also constitute
visible parts of the building indicating its
seismic resistant system.
The main advantage of FUSEIS systems
is that inelastic deformations are strictly
concentrated and controlled in zones that
constitute easily replaceable fuses.
Figure 4.7
An example of innovative FUSEIS system.
FUSEIS is a steel-concrete composite system. The optimal use of two materials and their
individual properties result in a very efficient and economical structural solution.
Reinforced concrete is inexpensive, massive and stiff, while steel members are strong, ductile,
lightweight, easy to assemble and give the designer the freedom to form the connections as
rigid or flexible and put additional bracing systems or shear walls.
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Two innovative systems of seismic resistant steel frames with dissipative fuses have been
developed:
• FUSEIS 1: it consists of two closely spaced strong columns, rigidly connected to multiple
beams. The beams run from column to column or alternatively are interrupted and
connected by short pins;
• FUSEIS 2: They are seismic fuses for steel and composite steel-concrete moment resist-
ing frames. The fuse is obtained by means of plates bolted/welded to the web and the
flanges of the beam.
As for the FUSEIS 1, it resembles a shear resistance wall but with the added advantage of
energy dissipation through the plastic deformation of the beams, Moreover it is easy to repair
or replace if necessary. It is composed of two closely spaced strong columns, rigidly connected
to multiple beams. The beams run from column to column (FUSEIS 1-1) or alternatively are
interrupted and connected by short pins (FUSEIS 1-2) (see figure 4.8).
Figure 4.8
FUSEIS system: FUSEIS 1-1 and 1-2 systems. [3]
The system resists lateral loads as a vertical Vierendeel beam, mainly by combined bending
and shear of the beams and axial forces of the columns. The dissipative elements of the
system are the beam sections in FUSEIS 1-1 or the pins in FUSEIS 1-2. These elements are not
generally subjected to vertical loads, as they are placed between floor levels.
Depending on beam-to-column connections of the building, simple or rigid, the FUSEIS
system can work also in combination with the overall moment resisting frame. If the system is
not intended to consist a gravity load carrying part of the structure , but provides alone the
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seismic resistance of the building, the beam-to-column connections are necessarily as simple.
Fuse beams may have closed sections (RHS or CHS) or open sections (I- or H- sections). Beam
or pin sections may vary between floors, following the increase of storey shear from the top to
the base of the building. Additionally, in order to allow the plastic hinge to form away from the
connection area and protect the connections against fracture, reduced beam sections (RBS)
are used for the beam fuses by cutting a part of the flanges towards the ends .Columns may
be of open or closed section. Open sections are more beneficial, since they offer an easier
connection to the beams.
In the same way, the short beams act as a ductile fuse and protect the structure in its integrity.
In order to preserve overall building in the elastic field, the non-dissipative elements have to
be designed according to the capacity design.
Figure 4.9 shows the behaviour of the FUSEIS systems to cyclic loading after testing. A high
deformation capacity for both beam(a) and pin (b) systems has been observed. Plastic hinges
developed in the RBS sections, outside the connection region or in the pins, leaving the recep-
tacle beams unaffected.
(a) FUSEIS 1-1 systems [3]. (b) FUSEIS 1-2 systems [3].
Figure 4.9
Behaviour of the FUSEIS to cycling loading after testing.
As for the FUSEIS 2, the devices are made by introducing a discontinuity on the composite
beams of a moment resisting frame and assembling the two parts of the beam through steel
plates bolted or welded to the web and flange of the beam. The configuration of the device on
a typical beam-to-column connection is shown in Figure 4.10.
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(a) FUSEIS 2: bolted device [3]. (b) FUSEIS 2: welded device [3].
Figure 4.10
Detail of FUSEIS 2 systems.
The zones marked as reinforced beam consist in a reinforcement of the composite beam with
additional steel plates welded to both webs and lower flange along a certain length.
The FUSEIS systems are not yet coded,but the Design Guide, developed in the same research
project, provides all necessary information for conceptual design, analysis and design of
building frames with FUSEIS systems, retaining the format of Eurocode 8.
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4.2 General design assumptions
Standard methodology of linear dynamic analysis is adopted, suggested by European Code 8.
First of all, in seismic regions seismic hazard should be taken into account at the early stages
of the conceptual design of a building enabling the achievement of a structural system which,
within acceptable costs, satisfies the following fundamental requirements governing this
conceptual design:
• Structural Simplicity;
• Uniformity, Symmetry and Redundancy;
• Bi-directional Resistance and Stiffness;
• Torsional Resistance and Stiffness;
• Diaphragmatic Behaviour at storey level;
• Adequate Foundation.
All the above-mentioned principles are important objectives to pursue since the modelling,
analysis, dimensioning, detailing and construction that follow these requirements lead to less
uncertainty and therefore the prediction of its seismic behaviour is much more reliable.
The structural configuration is the same for all three cases, they are 5 storeys buildings for
offices with the dimensions in plan 18m x 21m, 3 bays in each direction and respective span
lengths equal 6m, regarding the x direction, and 7m for the y direction. The inter-story height
is assumed equal to 3.4m.
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Figure 4.11
General Frame: Moment Resisting Frame (a), Eccentrically Braced Frame (b), Fuseis system (c).
Figure 4.12
General plain: Moment Resisting Frames (a), Eccentrically Braced Frames (b), Fuseis systems (c).
Figure 4.13
General Frame: Moment Resisting Frame , Eccentrically Braced Frame , Fuseis system.
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4.2.1 Storey slab typology
As shown in Figure 4.14, for each building, a floor type characterized by a concrete slab of
13 cm and is assumed to consist of profiled steel sheeting (height 7 cm), which is simply
supported on the secondary beams.
bs 1000 mm
bo 58.5 mm
bb 50 mm
hp 70 mm
hc 60 mm
h 130 mm
sp 1 mm
Figure 4.14
Concrete slabs: profile of steel sheeting.
4.2.2 Vertical loads and materials
The design was performed according to the European Codes [1] [2] [3], National Italian Code
[2] and the FUSEIS Design Guide [4] specific for the Fuseis system.
In all the three cases, loads and geometric configurations are set at the typical values for office
buildings. A summary of the applied ordinary loads is provided as follows:
• Concrete slab : 2.30 kN /m2 ;
• Extra non-structural dead : 2.00 kN /m2 ;
• Live load (office) : 3.00 kN /m2 ;
• Snow load : 1.00 kN /m2 ;
• Wind load : 1.16 kN /m2;
As far as materials are concerned, for MRF and EBF steel grade S355 is selected, while for
FUSEIS, being a composite system, uses two steel grades S355 and S235 and concrete C25/30.
The material property data will be shown in the apposite section regarding each case study.
Modal response spectrum analysis was carried out on 3D models using the commercial
software SAP2000.
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4.2.3 Seismic action
Seismic parameters
The initial design input are: PGA = 0.25g, Spectrum type = 1, Ground Type = B. Figure 4.15
shows the design elastic spectrum according to Eurocode8 .
Figure 4.15
Elastic response spectrum for spectrum Type 1, ground class B, ag=0.25
ag 0.25
S 1.2
Tb 0.15
Tc 0.5
Td 2
Fo 2.5
Sed =

ag ·S ·
[
1+
T
T b
· (η ·2.5−1)
]
0≤ T < TB
ag ·S ·η ·2.5 TB ≤ T < TC
ag ·S ·η ·2.5
(TC
T
)
TC ≤ T < TD
ag ·S ·η ·2.5
(TC ·TD
T 2
)
TD ≤ T
Response Spectrum EuroCode 8 - Function Definition
The behaviour factor q has to be adopted in order to account for the energy dissipation
capacity of the structure. All the three cases studies are designed to have a dissipative structural
behaviour and, thus, a high structural ductility class (DHC).
Depending on the type of structure, Eurocode suggests an upper limit of reference values of
the behaviour factors. In particular, for MRFs and EBFs, EC8 suggests:
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Table 4.1
Upper limit of reference values of behaviour factors q according to EC8.
STRUCTURAL TYPE
Ductility Class
DCM DCH
Moment resisting frames 4 5 αu/αi
Frame with eccentric bracings 4 5 αu/αi
The parameters α1 and αu are defined as follows:
α1 is the value by which the horizontal seismic design action is multiplied in order to first
reach the plastic resistance in any member in the structure, while all other design actions
remain constant;
αu is the value by which the horizontal seismic design action is multiplied, in order to form
plastic hinges in a number of sections sufficient for the development of overall structural
instability, while all other design actions remain constant.
Regarding FUSEIS systems, the Fuseis Guide suggests to take a behaviour factor q ranging
from 3,5 to 5 [4].
Figure 4.16 shows the default value for αu/αi according to dissipative zones in the structure.
(a) EC8: Moment resisting frames (dissipative zones in beams and at bottom of
columns.)
(b) EC8 : Frames with eccentric bracings (dissipative zones in bending or shear links).
Figure 4.16
Values for αu/αi according to EC8.
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MRF −→ q = 5 ·1.3= 6.5
EBF −→ q = 5 ·1.2= 6
FUSEIS −→ q = 5
Therefore, the upper limits values for behaviour factors q high structural ductility class are:
Design anelastic spectrum can be obtained reducing elastic spectrum by abovementionated
behaviour factor q.
It can be noticed how the European Code EC8 and the National Italian Code NTC08 differ in
their provisions
Regarding to the spectrum analysis, it is noteworthy that, for EC8, only design response
spectrum can be taken into account. Both the ultimate limit state, at which correspond the
return period Tr = 475 years, and the damage limitation state, at which corresponds return
period Tr = 50 years, were checked by the same spectrum. A factor ν (ν = 0.5 for ordinary
building) is used to take into account the lower return period of the seismic action associated
with the damage limitation requirement.
Instead, according to NTC08, two different spectra should be taken into account: an elastic
spectrum for Damage Limit State (SLD), corresponding at Tr = 50 years, is accounted to check
the inter-storey drift and, obviously, the 3 factor is taken equal to unity; a design spectrum
for Ultimate Limit State (SLV), corresponding at Tr=475 years, to check resistances, ductility
condition and second order effects.
This leads to adopt behaviour factors such as design spectrum for SLV is in agreement with
elastic spectrum for SLD. Namely, seismic demand with return period Tr=475 years shall be not
smaller than seismic demand with return period Tr=50 years. As a consequence, the behaviour
q factor has to be reduced to satisfy Sad ,SLV ≥ Sae,SLD .
In order to define the response spectrum similarly in the two codes, parameters as Peak
Ground Acceleration(PGA), Magnification factor (Fo) and Reference period (T ∗c ) have to be
indicated. These seismic parameters, shown in table 4.2, correspond to the ones of the city
of Messina (lat:38.19, long:15.50) . In Table 4.3 seismic parameters and function of response
spectrum for NTC08 are indicated.
Table 4.2
Seismic parameters for response spectrum according to NTC08
Tr ag Fo T ∗c
years g - s
50 0.081 2.318 0.294
475 0.25 2.41 0.36
According to National Italian code, the design behaviour factor to use for linear analysis cannot
be greater than q=3, as shown in Figure 4.17.
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Table 4.3
Response Spectrum NTC08 - Function Definition
ag 0.25
S 1.16
Tb 0.162
Tc 0.48
Td 2.59
Fo 2.41
η 1/q
Sed =

ag ·η ·Fo
[ T
TB
+ 1
η ·Fo
(
1− T
TB
)]
0≤ T < TB
ag ·η ·Fo TB ≤ T < TC
ag ·η ·Fo
(TC
T
)
TC ≤ T < TD
ag ·η ·Fo
(TC ·TD
T 2
)
TD ≤ T
Figure 4.17
Response Spectrum according to NTC08.
4.2.4 Accidental torsional effects
According to Eurocode 8, when a spatial model is used for the analysis, the accidental torsional
effects may be determined as the envelope of the effects resulting from the application of
static loadings, consisting of sets of torsional moments Mai about the vertical axis of each
storey i:
Mai = eai ·Fi
where Mai is the torsional moment applied at storey i about its vertical axis; eai is the acciden-
tal eccentricity of storey mass i for all relevant directions;Fi is the horizontal force acting on
storey i.
As far as the accidental eccentricity eai is concerned, in order to account for uncertainties in
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the location of masses and in the spatial variation of the seismic motion, the centre of mass
calculated at each floor i must be considered as displaced from its nominal location in each
direction by an accidental eccentricity:
eai =±0.05 ·Li
where Li is the floor-dimension perpendicular to the direction of the seismic action.
Therefore, it results:
ex =±0.05 ·18m = 0.9m; ey =±0.05 ·21m = 1.05m
The horizontal force acting on storey i Fi is different for each case study and it will be evaluated
in appurtenance section.
4.2.5 Combination of the effects of the components of the seismic action
The action effects due to the combination of the horizontal components of the seismic action
may be computed using seismic combinations:
±Ex ±0.3 ·Ey ; ±Ex ±0.3 ·Ey
where Ex represents the action effects due to the application of the seismic action along
the chosen horizontal axis x of the structure and Ey represents the action effects due to the
application of the same seismic action along the orthogonal horizontal axis y of the structure.
The inertial effects of the design seismic action shall be evaluated by taking into account the
presence of the masses associated with all gravity loads appearing in the following combination
of actions:
Ed =
∑
G+∑ψE ,i ·Qk,i +E
where ψE ,i is the combination coefficient for variable action i, this coefficients take into
account the likelihood of the loads Qk,i not being present over the entire structure during the
earthquake.
The combination coefficients ψE ,i actions shall be computed from the following expression:
ΨE ,i =φ ·Ψ2,i
where the combination coefficientΨ2,i (for the quasi-permanent value of variable action qi)
is equal to 0,3 for offices; while φ depends on storey: for the roof is equal to 1.0 and for storeys
with correlated occupancies is equal to 0.8.
45
Chapter 4. Seismic Design of cases studies
4.3 Safety verifications
The relevant limit states will be considered for the safety verifications.
4.3.1 Ultimate limit state
3.4.1 Ultimate limit state In a seismic design situation the no-collapse requirement (ultimate
limit state) is satisfied if specific conditions regarding resistance, ductility, equilibrium, foun-
dation stability and seismic joints are met. Two general criteria have been applied in all the
case studies: resistance condition and second order effects .
Resistance condition
The following relation shall be satisfied for all structural elements including connections and
the relevant non-structural elements:
Ed ≤Rd
where Ed is the design value of the action effect, due to the seismic design situation, including,
if necessary, second order effects and Rd is the corresponding design resistance of the element,
calculated in accordance with the rules specific type of structural system.
Second order effects (P-∆)
The deformations are checked in order to limit second order effects. According to equation
4.28 in EC8 , the inter-storey drift sensitivity coefficientΘ is so calculated:
θ =
Pg r av ·dr
Vtot ·H
where:
θ is the inter-storey drift sensitivity coefficient;
Pg r av is the total gravity load at and above the storey considered in the seismic design situa-
tion (Pg r av =G1+G2+0.3 ·Qacc );
dr is the design inter-storey drift, evaluated as the difference of the average lateral displace-
ments ds at the top and bottom of the storey under consideration and calculated in the
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following way:
dr =µd ·de
µd =

q T1 ≥ Tc
1+ (q −1)
Tc
T1
T1 < Tc
Vtot is the total seismic storey shear E = Exi +0.3 ·Ex, j ;
H is the inter-storey height.
If 0,1<Θ≤ 0,2, the second-order effects may approximately be taken into account by mul-
tiplying the relevant seismic action effects by a factor equal to 1/(1−Θ). If 0,2 <Θ ≤ 0,2, a
non-linear analysis shall be carried out. The value of the coefficientΘ shall not exceed 0,3.
4.3.2 Damage Limitation
The “damage limitation requirement” must be verified under a seismic action having a larger
probability of occurrence (SLD) than the design seismic action corresponding to the “no
collapse requirement” (SLV).
Limitation of inter-storey drift
According to the EC8 4.4.3.2, inter-storey drifts are limited to 0,0075 which is the limit value
for buildings having ductile non-structural elements. The "damage limitation requirement" is
considered satisfied when:
dr ·ν≤ 0.0075 ·h
where:
dr is the design inter-storey drift;
h is the storey drift;
ν is the reduction factor but since the Italian spectra were taken into account , the value of ν
is 1.
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4.4 Design of MRF case study
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Figure 4.18
General configuration of MRF building.
In order to set MRFs in the building, two possible configurations were analysed and compared.
In the first one, MRFs have been set up in the buildings’ perimeter so that the external frames
work as 2D frames.All the other connections between beams and inner columns are simple
(case 1).
In the second configuration, all frames are MRFs and the beam-to-column joints in both
column axes are rigid. This leads to 3D frames. (case 2). Figure 4.19 shows both two configura-
tions in plan, MRFs are marked in red colour.
In both cases, MRFs were placed symmetrically in the building plan in order to have the same
seismic behaviour in both directions.
Beam sections have an I shape profile, while columns sections a H-shape profile.
The material adopted is Steel grade S355. property material data are shown in Table 4.4.
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Table 4.4
Definition of material for MRF.
Material
Structural Steel S355
Fyk = 355MPa Characteristic Yield Stress
Fuk = 510MPa Characteristic Tensile Stress
E = 2.10 ·105MPa Modulus of Elasticity
(a) Case 1 - 2 MRFs for direction. (b) Case 2 - 4 MRFs for direction.
Figure 4.19
Different configurations to position MRF, marked in red colour.
4.4.1 Design for ordinary loads
First, the buildings were designed for ordinary loads according to EN 1991-1-1 and EN 1993-
1-1 . They were checked by ultimate limit state combination 1.35 ·G + 1.5 ·Q for bending
and stability according to equation 5.17, 5.20 and 5.51 by EN 1993-1-1. Only the checks
for beams stability have been neglected because there is the connection with the concrete
slabs. Furthermore, all beams have been controlled by the vertical displacement limitation by
damage limit state combination 1 ·G+1 ·Q, according to Italian code 4.2.4.2.1. The beam and
column sections for ordinary loads are shown in Table 4.5.
4.4.2 Design for seismic action
First step in seismic design for this type of structure is that to check second order effects with
damage limitations .
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Table 4.5
sections for ordinary loads checks
case 1) 2 MRFs for direction
dir section Governing Check ratio
x IPE 300 Vertical Inflection (δ) 0.77
y IPE 450 Vertical Inflection (δ) 0.83
HEB280 Buckling 0.85
case 2) 4 MRFs for direction
dir section Governing Check ratio
x IPE 300 Vertical Inflection (δ) 0.77
y IPE 360 Bending 0.82
HEB280 Buckling 0.85
Then, beams, dissipative elements„ shall be checked as follows:
Med
Mpl ,Rd
≤ 1.00; Ned
Npl ,Rd
≤ 0.15; Ved
Vpl ,Rd
≤ 0.5;
where:
NE d , ME d are respectively design axial force and bending moment;
Npl ,Rd , Npl ,Rd ,Vpl ,Rd are design resistances in accordance with EN 1993;
Ved =VE d ,G +VE d ,M with VE d ,G is the design value of the shear force due to the non seismic
actions and VE d ,M is the design value of the shear force due to the application of the
plastic moments Mpl ,Rd ,A and Mpl ,Rd ,B with opposite signs at the end sections A and B
of the beam.
According to the capacity design approach, the columns shall be verified in compression
considering the most unfavourable combination of the axial force and bending moments.
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In the checks, NE d , ME d ,VE d should be computed as:
NC D,E d =NE d ,G +1.1 ·γov ·Ω ·NE d ,E
MC D,E d =NE d ,G +1.1 ·γov ·Ω ·ME d ,E
VC D,E d =NE d ,G +1.1 ·γov ·Ω ·VE d ,E
where:
NC D,G , MC D,G ,VC D,G = are the actions effect due to the non-seismic actions included in
the combination of actions for the seismic design situation;
NC D,E , MC D,E ,VC D,E = are the actions effect from the analysis of the design seismic action
γov = is the over-strength factor taken as 1.25;
Ω=mi n Mpl ,,Rd
ME d
= is minimum value of the relevant ratios for all beams in which
dissipative zones are located.
To allow the development of the largest number of plastic hinges and to dissipate as much
as possible seismic energy the connections of the beams to the columns shall be designed to
remain in elastic branch.
As shown in Figure 4.20, beam-to-column joint shall
be designed for the required degree of over-strength
taking into account the sums of the design values
of the moment resistance of columns and beams,
respectively, framing at a joint:∑
Mr c ≥ 1.3 ·
∑
Mr b
This condition aims to avoid the formation of poor
dissipative mechanisms as soft-storey, furnishing
to the column sufficient overstrength with respect
to the beams.
Figure 4.20
Beam-to-column joint in MRFs.
Due to the span of the beams, their stiffness (EI/L) is relatively low, therefore MRFs are usually
flexible structures, so that: displacements limitations checks are highly critical.
In order to compare seismic performance in terms of lateral stiffness and, thus, to choose the
optimal one, several attempts were carried out.
Table 4.6 shows the results , obtained trying several sections of beams and columns and
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comparing fundamental period T1, Shear Base Force (Vx ), the inter-story sensitivity coefficient
θ and minimum value of the relevant ratios for all beamsΩ.
Table 4.6
Results of the design for seismic action
BEAM COLUMN T1 [s] Vx [kN] Θ Ω
case 1: 2 MRFs for direction
IPE330 HEB360 1.75 621 0.29 1.18∗
IPE360 HEB360 1.59 678 0.23 1.40∗
IPE400 HEB360 1.44 742 0.19 1.64 ∗∗
IPE400 HEB400 1.37 762 0.17 1.70
IPE360 HEB400 1.53 695 0.21 1.47 ∗
IPE360 HEB450 1.46 721 0.19 1.58
IPE400 HEB450 1.31 887 0.15 1.77
IPE450 HEB450 1.16 887 0.12 1.90
case 2: 4 MRFs for direction
IPE360 HEB360 1.30 802 0.16 1.93 ∗∗
IPE360 HEB400 1.25 700 0.15 2.00
IPE400 HEB360 1.14 930 0.13 2.10
IPE 400 HEB450 1.04 1015 0.1 2.4
∗ Non-linear analysis is required.
∗∗ Capacity design is not satisfied.
Comparing the results of both configurations, it can be noticed that: with a similar period
(T1) and, thus, a similar spectral acceleration, (for example, underlined cases in Table 4.6),
the minimum sections for only 2 MRFs building are bigger than 4 MRFs one, but the latter is
over-sized, because, in this case, the total shear base force is divided by four resistant frames
and, according to the capacity design rules, the columns profiles should be increased .
Moreover , for the 4MRFs, the section of beams cannot be reduced because the critical case is
governed gravitational loads, especially for vertical deflections. Instead, in 2MRF system, the
two different loads are divided: vertical loads govern the inner frames, while seismic action
governs perimeter frames. Moreover, beam-column rigid connection is more burdensome to
realize then simple ones, thus, more expensive. Lastly, the overall weight of both configura-
tions is almost identical.
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Finally, in Moment Resisting Frames, beams and columns shall guarantee lateral stiffness,
resistance and ductility conditions simultaneously. As previously said, since MRFs are highly
flexible, linear seismic design was controlled by lateral stiffness conditions. As a consequence,
the structural elements in correspondence of dissipative zones are over-sized with respect to
the seismic actions obtained by the design spectrum (Ω is over to 1.50) and, at the same time,
since the capacity design rules are applied, the elastic elements are further over-dimensioned
with respect to dissipative elements.
Finally, under the same conditions, first case with moment resisting frames only in perimeters’
building (2 MRFs for directions) shows a smallerΩ value and, thus, a little bit greater exploita-
tion of the elements.
Figure 4.21
Design process for MRF
The case with 2 MRFs for direction only in perimeters’ building and with limit situation
regarding θ factor for linear analysis (θ < 0.20) was chosen. Figure 4.22 shows the general
configuration with chosen sections for linear analysis, while figure 4.23 shows the plan config-
uration for MRF building. It can be noticed that the members were orientated with the aim to
have the comparable stiffness in both directions; in particular, the so-called Austrian column
was used in the corners.
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2MRF system
Beam Sections IPE 360
Columns Sections HEB450
Corner: HEB450+ IPE550O
Non dissipative elements
Columns HEB280
Beams dir x: IPE 300
dir y: IPE 450
Figure 4.22
Configuration and elements sections of MRF system.
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Figure 4.23
General scheme with MRFs marked in red.
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4.4.3 Modal Analyis
According to EC8 , the sum of the effective modal masses for the modes is taken into account
amounts to at least 90% of the total mass of the structure and all modes with effective modal
masses greater than 5% of the total mass are taken into account . As the Table 1.2 shows, only
the first eight modes are necessary to achieve them. In figure 1.7 the range of periods is shown.
Table 4.7
Modal Participating Mass Ratio.
StepType StepNum Period UX UY SumUX SumUY
Text Unitless Sec Unitless Unitless Unitless Unitless
Mode 1 1.51 0.0000 0.7691 0.00 0.77
Mode 2 1.47 0.7795 0.0000 0.78 0.77
Mode 3 0.93 0.0000 0.0000 0.78 0.77
Mode 4 0.42 0.0000 0.1344 0.78 0.90
Mode 5 0.41 0.1284 0.0000 0.91 0.90
Mode 6 0.26 0.0000 0.0000 0.91 0.90
0 0.5 1 1.5 2 2.5 3 3.5 4
0
0.2
0.4
0.6
0.8
T (s)
a
g
(g
)
q=3 q=1
Figure 4.24
Range structural period for MRF buildings.
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(a) MRF: T1=1.51 .
(c) MRF: T2=1.46.
(e) MRF: T3=0.93 .
Figure 4.25
Modal analyses results.
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4.4.4 Safety verifications
Damage Limitation
Table 4.8
Inter-storey drift for X and Y directions.
OutputCase de(Ux) de(Uy) dr(Ux) drUy) dr*v/h (x) dr*v/h (y) check
Story Text m m m m
0 EnvSLD 0.0000 0.0000 0.0000 0.0000 0.0000 0.0000 ok
1 EnvSLD 0.0078 0.0071 0.0078 0.0071 0.0023 0.0021 ok
2 EnvSLD 0.0223 0.0206 0.0144 0.0135 0.0042 0.0040 ok
3 EnvSLD 0.0367 0.0344 0.0145 0.0138 0.0043 0.0041 ok
4 EnvSLD 0.0488 0.0462 0.0121 0.0118 0.0035 0.0035 ok
5 EnvSLD 0.0579 0.0554 0.0091 0.0092 0.0027 0.0027 ok
Second Order effects
Table 4.9
Second order effects
VALUATION OF INTER-STOREY DRIFT SENSITIVITY COEFFICIENTΘ (dir. x)
Liv h P Vx dtot T1,x Tc q µd dE x dr,x Θ 1/(1−Θ)
[m] [kN] [kN] [m] [s] [s] [m] [m]
1 3.4 10554 725.85 0.01 1.47 0.48 3 3 0.03 0.03 0.12 1.13
2 3.4 8424 642.98 0.03 0.08 0.05 0.19 1.24
3 3.4 6294 541.31 0.04 0.13 0.05 0.17 1.21
4 3.4 4163 451.50 0.06 0.17 0.04 0.11 1.13
5 3.4 2033 324.71 0.07 0.20 0.03 0.06 1.00
VALUATION OF INTER-STOREY DRIFT SENSITIVITY COEFFICIENTΘ (dir. Y)
Liv h P Vx dtot T1,x Tc q µd dE x dr,x Θ 1/(1−Θ)
[m] [kN] [kN] [m] [s] [s] [m] [m]
1 3.4 10554 710.66 0.01 1.51 0.50 3.00 3.00 0.02 0.02 0.11 1.12
2 3.4 8424 626.15 0.02 0.07 0.05 0.19 1.23
3 3.4 6294 523.38 0.04 0.12 0.05 0.17 1.21
4 3.4 4163 439.98 0.05 0.16 0.04 0.12 1.13
5 3.4 2033 324.54 0.07 0.20 0.03 0.06 1.00
As a result the seismic action effects in x direction have to be multiplied by
1
1−θ = 1.24 and in
y direction by 1.23.
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Resistance verification
The members of structural systems resistance were checked in both directions. Here only the
checks in X direction are reported in Table 4.10.
Beam
Med =Med ,G +1.24 ·ME d ,E ≤
Fyk ·Wpl
γm
Ved =Ved ,G +
Mpl ,max +Mpl ,mi n
L
≤ Fyk · Awp
3 ·γm
Column
NC D,E d
χ · A · f y
γM1
+ χl t y ·My,C D,E d
χLT y ·Wpl ,y ·
f y
γM1
+ χl t z ·Mz,C D,E d
χLTz ·Wpl ,z ·
f y
γM1
≤ 1
Beam-to-Column Node∑
MCol umnRd ,Pl ≥ 1.3 ·
∑
M BeamRd ,Pl
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Figure 4.26
Frame checked with linear analysis.
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Table 4.10
Checks of the MRF system in X directions
BEAMS profilo Medmi n Medmax Mpl M ≤ 1 Ω V edmax Vpl V ≤ 1
kNm kNm kNm kN kN kN
t1-1 IPE 360 174.43 181.77 344.57 0.53 1.90 115.00 498.60 0.12
t1-2 IPE 360 171.05 171.05 344.57 0.50 2.01 115.00 498.60 0.23
t1-3 IPE 360 174.43 181.77 344.57 0.53 1.90 115.00 498.60 0.23
t2-1 IPE 360 208.05 218.76 344.57 0.63 1.58 115.00 498.60 0.23
t2-2 IPE 360 206.57 206.57 344.57 0.60 1.67 115.00 498.60 0.23
t2-3 IPE 360 208.05 218.76 344.57 0.63 1.58 115.00 498.60 0.23
t3-1 IPE 360 193.00 205.29 344.57 0.60 1.68 115.00 498.60 0.23
t3-2 IPE 360 193.21 193.21 344.57 0.56 1.78 115.00 498.60 0.23
t3-3 IPE 360 193.00 205.29 344.57 0.60 1.68 115.00 498.60 0.23
t4-1 IPE 360 160.45 173.23 344.57 0.50 1.99 115.00 498.60 0.23
t4-2 IPE 360 163.33 163.33 344.57 0.47 2.11 115.00 498.60 0.23
t4-3 IPE 360 160.45 173.23 344.57 0.50 1.99 115.00 498.60 0.23
t5-1 IPE 360 121.92 134.26 344.57 0.39 2.57 115.00 498.60 0.23
t5-2 IPE 360 121.77 121.77 344.57 0.35 2.83 115.00 498.60 0.23
t5-3 IPE 360 121.92 134.26 344.57 0.39 2.57 115.00 498.60 0.23
COL. sec Ned,G Ned,E Ned Med3,G Med3,E Med3 Med2,G Med2,E Med2 ratio
kN kN kN kNm kNm kNm kNm kNm kNm
c1-1 HE 450 B* 330.82 210.76 769.00 8.57 360.12 632.51 24.37 365.51 657.64 0.94
c1-2 HE 450 B 588.22 7.77 605.04 0.34 361.75 783.79 0.02 12.93 28.01 0.74
c1-3 HE 450 B 588.22 7.77 605.04 0.34 361.75 783.79 0.02 12.93 28.01 0.74
c1-8 HE 450 B* 330.82 210.76 769.00 8.57 360.12 632.51 24.37 365.51 657.64 0.94
c2-1 HE 450 B* 263.67 171.18 634.39 11.66 173.32 387.02 33.08 173.17 408.10 0.59
c2-2 HE 450 B 468.88 6.05 481.97 0.96 241.22 523.38 0.01 12.93 28.01 0.53
c2-3 HE 450 B 468.88 6.05 481.97 0.96 241.22 523.38 0.01 12.93 28.01 0.53
c2-8 HE 450 B* 263.67 171.18 634.39 11.66 173.32 387.02 33.08 173.17 408.10 0.59
c3-1 HE 450 B* 195.69 120.93 457.59 11.52 133.55 300.75 30.78 126.86 305.51 0.45
c3-2 HE 450 B 349.98 4.37 359.45 1.45 195.63 425.12 0.01 9.92 21.49 0.42
c3-3 HE 450 B 349.98 4.37 359.45 1.45 195.63 425.12 0.01 9.92 21.49 0.42
c3-8 HE 450 B* 195.69 120.93 457.59 11.52 133.55 300.75 30.78 126.86 305.51 0.45
c4-1 HE 450 B* 127.32 72.24 283.77 10.88 128.61 289.42 28.51 122.75 294.35 0.42
c4-2 HE 450 B 231.35 2.82 237.45 1.63 176.97 384.90 0.00 9.92 21.48 0.37
c4-3 HE 450 B 231.35 2.82 237.45 1.63 176.97 384.90 0.00 9.92 21.48 0.37
c4-8 HE 450 B* 127.32 72.24 283.77 10.88 128.61 289.42 28.51 122.75 294.35 0.42
60
4.5. Design of EBF case study
4.5 Design of EBF case study
x
y
z
6.00 6.00 6.00
7.0
0
7.0
0
7.0
0
3.
40
3.
40
3.
40
3.
40
3.
40
18.00
21
.00
17
.0
0
Figure 4.27
General configuration of EBF building.
The eccentrically braced frames were placed symmetrically in the building plan in order to
have the same seismic behaviour in both direction. The horizontal shear links were adopted.
As regards the seismic links, Eurocode 8 classifies them into 3 categories, according to the type
of plastic mechanism developed:
• short links which dissipate energy by yielding essentially in shear;
• long links, which dissipate energy by yielding essentially in bending;
• intermediate links, in which the plastic mechanism involves bending and shear.
Furthermore, in design where equal moments would form simultaneously at both ends of the
link (as a horizontal links used in this thesis), links may be classified according to the length e.
For I sections, the categories are:
• short links e < es = 1.6Mp,l i nk /Vp,l i nk
• long links e < eL = 3,0Mp,l i nk /Vp,l i nk
• intermediate links es < e < eL
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Where for I sections, the following parameters are used to define the design resistances and
limits of categories:
Mp,l i nk = fy ·b · t f · (d − t f )
Vp,l i nk = ( fy /
p
3) · tw · (d − t f )
Figure 4.28
Definition of symbols for I link sections [1].
Therefore, Figure 5.20 shows the summarizing indications for the considered case.
Short link : e ≤ 1.6 · Mp,l i nk
Vp,l i nk
Figure 4.29
Definition of short link length. [1]
As shown in Figure 4.30, there are 2 EBFs for both directions and in order to prevent lateral tor-
sional buckling failure and, thus, to optimize the dissipative behaviour of the link, the vertical
loads were split then the seismic loads, through a "double " inner beam : the latter is designed
only for vertical loads, the main beam one, with the link, is designed for the horizontal/seismic
action, the detail in plan is shown in Figure 4.31 .
Beam-to-column joints are simple, as well as the connections between the braces and the
beams. The column bases are assumed pinned with the aim to minimize the damage at the
foundation.
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Figure 4.30
Plan configuration of EBF building.
Figure 4.31
Detail in plan with the splitting of the main beam with EBF.
The Table 4.11 shows the used sections for the link beams, according to EC8 indications.
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Table 4.11
Definition of short link length (EC8).
.
Section b h tw t f emax e
mm mm mm mm m m
LINK 1 HE 180 B 180 180 8.5 14 0.82 0.7
LINK 2 HE 180 B 180 180 8.5 14 0.82 0.7
LINK 3 HE 160 B 160 160 8 13 0.72 0.6
LINK 4 HE 140 B 140 140 7 12 0.67 0.55
LINK 5 HE 120 B 120 120 6.5 11 0.56 0.45
For the simulation of the case study, 3Dmodel was developed using the commercial software
SAP2000 to carry out the linear analysis, as shown in Figure 4.32.
EBF systems
Section for each floor length e
1° IPE180 0.70m
2° IPE180 0.70m
3° IPE160 0.60m
4° IPE140 0.55m
5° IPE120 0.45m
Non dissipative elements
Columns HEB280
Beams dir x: IPE 300
dir y: IPE 450
Braces HEB200
Figure 4.32
Configuration and component sections of EBF system designed with respect linear analysis.
As well as MRF system, Steel grade S355 was used, material property data are shown in Table
4.4.
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4.5.1 Modal Analysis
According to EC8 , the sum of the effective modal masses for the modes is taken into account
amounts to at least 90% of the total mass of the structure and all modes with effective modal
masses greater than 5% of the total mass are taken into account . As the Table 4.12 shows,
only the first eight modes are necessary to achieve them. In Figure 4.24 the range of periods is
shown.
Table 4.12
Modal Participating Mass Ratio
StepType StepNum Period UX UY SumUX SumUY
Text Unitless Sec Unitless Unitless Unitless Unitless
Mode 1 0.98 0.7990 - 0.7990 -
Mode 2 0.92 0.0000 0.7894 0.7990 0.7894
Mode 3 0.59 0.0000 0.0000 0.7990 0.7894
Mode 4 0.37 0.0000 0.0699 0.7990 0.8593
Mode 5 0.35 0.0000 0.0000 0.7990 0.8593
Mode 6 0.35 0.1361 0.0000 0.9351 0.8593
Mode 7 0.34 0.0000 0.0402 0.9351 0.8995
Mode 8 0.29 0.0000 0.0038 0.9351 0.9033
0 0.5 1 1.5 2 2.5 3 3.5 4
0
0.2
0.4
0.6
0.8
T (s)
a
g
(g
)
q=3 q=1
Figure 4.33
range structural period .
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(a) T1=0.98 2D View and 3D View.
(c) T2=0.92 2D View and 3D View.
(e) T3=0.59 2D View and 3D View.
Figure 4.34
Modal analyses results
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4.5.2 Design for ordinary loads
The basic combination 1.35 ·G +1.5 ·Q of the ultimate limit state is the most critical for the
design of the non-dissipative elements, in particular for the columns.
Instead, the vertical deflections δ are checked for the beams at the serviceability limit state
(1.00 ·G +1.00 ·Q), the limitations is assumed equal to δ= L/250, according to the National
Italian Code.
The Table 4.13 includes the utilization ratios of the most unfavourable beams and columns for
the governing check .
Table 4.13
Results of the design for ordinary loads
dir. section Governing Check ratio
x IPE 300 Vertical Inflection (δ) 0.77
y IPE 450 Vertical Inflection (δ) 0.83
HEB280 Buckling 0.85
4.5.3 Design for seismic action
According to E N 1998−1 : 2005 , frames with eccentric braces shall be designed so that specific
elements or parts of elements called seismic links are able to dissipate energy by the forma-
tion of plastic bending and/or plastic shear mechanisms and the structural system shall be
designed so that a homogeneous dissipative behaviour of the whole set of seismic links is
realised.
The aim of design is to ensure that yielding, including strain hardening effects in the plastic
hinges or shear panels, will take place in the links prior to any yielding or failure elsewhere.
The dissipative elements are verified to resist the shear forces and moments calculated during
the structural analysis.
The design resistance of the link should satisfy both of the following relationships at both ends
of the link:
VE d /Vpl ,l i nk ≤ 1
ME d /Mpl ,Li nk ≤ 1
where:
VE d , NE d = design action effects, respectively the design shear and the design
bending moment at both ends of the link ;
Vpl ,Li nk , Mpl ,Li nk = the design resistances, previously mentioned.
67
Chapter 4. Seismic Design of cases studies
To achieve a global dissipative behaviour of the structure, it should be checked that the
individual values of the ratios Ωi , defined as Ωi = 1.5 ·Vp,Li nk,i /VE d ,i , do not exceed the
minimum valueΩ resulting from all short link by more than 25% of this minimum value.
The connections of the links or of the element containing the links are checked to resist the
capacity design action effects as following:
NC D,E d =NE d ,G +1.1 ·γov ·Ω ·NE d ,E
MC D,E d =NE d ,G +1.1 ·γov ·Ω ·ME d ,E
VC D,E d =NE d ,G +1.1 ·γov ·Ω ·VE d ,E
where:
NC D,G , MC D,G ,VC D,G = are the actions effect due to the non-seismic actions included in
the combination of actions for the seismic design situation;
NC D,E , MC D,E ,VC D,E = are the actions effect from the analysis of the design seismic action
γov = is the over-strength factor,taken as 1.25;
Ω= is, as previously mentioned, the minimum value of the relevant
ratios for all link beams in the frame.
The non-dissipative elements, i.e. the system columns and braces, are designed to resist the
capacity design action effects considering the most unfavourable combination of the axial
force and bending moments, according to EC3, equation 5.52:
Ned
χ · A · f y
γM1
+ χl t y ·My,ed
χLT y ·Wpl ,y ·
f y
γM1
+ χl t z ·Mz,ed
χLTz ·Wpl ,z ·
f y
γM1
≤ 1
The members of structural systems resistance were checked in both directions. As an illustra-
tion, only the checks of one frame in X direction are reported in tables. 4.16 and 4.17.
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4.5.4 Safety verification
Damage Limitation
Table 4.14
Inter storey drifts for X – Y directions
OutputCase de(Ux) de(Uy) dr(Ux) drUy) dr*v/h (x) dr*v/h (y) check
Story Text m m m m
0 EnvSLD 0 0 0.0000 0.0000 0.0000 0.0000 ok
1 EnvSLD 0.006279 0.005462 0.0063 0.0055 0.0018 0.0016 ok
2 EnvSLD 0.01453 0.012509 0.0083 0.0070 0.0024 0.0021 ok
3 EnvSLD 0.022413 0.019298 0.0079 0.0068 0.0023 0.0020 ok
4 EnvSLD 0.029972 0.025842 0.0076 0.0065 0.0022 0.0019 ok
5 EnvSLD 0.035668 0.030994 0.0057 0.0052 0.0017 0.0015 ok
Second Order effects
Table 4.15
Second order effects for EBF building
VALUATION OF INTER-STOREY DRIFT SENSITIVITY COEFFICIENTΘ (dir. x)
Liv h P Vx dtot T1,x Tc q µd dE x dr,x Θ 1/(1−Θ)
[m] [kN] [kN] [m] [s] [s] [m] [m]
1 3.4 10455.80 950.21 0.01 0.98 0.5 3 3 0.02 0.02 0.07 1.00
2 3.4 8346.94 863.55 0.02 0.05 0.03 0.08 1.00
3 3.4 6237.92 727.28 0.03 0.08 0.03 0.07 1.00
4 3.4 4130.97 584.77 0.03 0.10 0.0 0.06 1.00
5 3.4 2026.09 358.90 0.04 0.12 0.02 0.03 1.00
VALUATION OF INTER-STOREY DRIFT SENSITIVITY COEFFICIENTΘ (dir. Y)
Liv h P Vx dtot T1,x Tc q µd dE x dr,x Θ 1/(1−Θ)
[m] [kN] [kN] [m] [s] [s] [m] [m]
1 3.4 10455.80 999.99 0.01 0.89 0.5 3 3 0.02 0.02 0.06 1.00
2 3.4 8346.94 923.94 0.01 0.04 0.02 0.07 1.00
3 3.4 6237.92 786.75 0.02 0.07 0.02 0.06 1.00
4 3.4 4130.97 606.91 0.03 0.09 0.02 0.05 1.00
5 3.4 2026.09 357.15 0.04 0.11 0.02 0.03 1.00
It can be noticed that the coefficient θ is always smaller then 1, so seismic action effects will
be not increased.
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Figure 4.35
EBF: Frame checked with linear analysis.
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Table 4.16
Checks of the EBF system in X directions
LINK profile Mpl Med Med/Mpl Vpl Ved Ved/Vpl Ωi
kNm kNm kN kN
Link1 HE 180 B 148.50 83.44 0.56 289.20 253.29 0.88 1.71
Link2 HE 180 B 148.50 94.64 0.64 289.20 284.08 0.98 1.53
Link3 HE 160 B 108.54 66.01 0.61 241.03 235.04 0.98 1.54
Link4 HE 140 B 76.34 43.63 0.57 183.64 174.23 0.95 1.58
Link5 HE 120 B 51.08 19.24 0.38 145.21 120.38 0.83 1.81
BEAMS profile Ned Med Ved s(Med ) s(Ved ) s(Ned (< 0.15))
kN kN kN
t1 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t2 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t3 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t4 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t5 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t6 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t7 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t8 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t9 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
t10 IPE 300 0.00 28.97 19.31 0.13 0.07 0.00
tl1 HE 180 B 227.20 95.95 44.86 0.56 0.35 0.12
tl2 HE 180 B 227.19 83.93 23.02 0.49 0.18 0.12
tl3 HE 180 B 254.04 106.37 48.79 0.62 0.38 0.14
tl4 HE 180 B 254.04 0.00 44.57 0.00 0.35 0.14
tl5 HE 160 B 210.04 76.57 37.06 0.61 0.31 0.14
tl6 HE 160 B 210.04 66.40 15.90 0.53 0.13 0.14
tl7 HE 140 B 155.28 53.43 28.27 0.61 0.36 0.13
tl8 HE 140 B 155.28 0.00 24.77 0.00 0.31 0.13
tl9 HE 120 B 105.99 29.56 19.36 0.50 0.26 0.11
tl10 HE 120 B 105.99 19.37 1.88 0.33 0.03 0.11
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Table 4.17
Checks of the EBF system in X directions
BRACES Sec Ned,G Ned,E Ned s
kN kN kN
b1 HE 200 B 19.40 368.39 792.90 0.57
b2 HE 200 B 19.40 368.39 792.90 0.57
b3 HE 200 B 19.20 412.90 886.15 0.64
b4 HE 200 B 19.20 412.90 886.15 0.64
b5 HE 200 B 18.67 337.83 727.99 0.52
b6 HE 200 B 18.67 337.83 727.99 0.52
b7 HE 200 B 18.28 249.17 541.45 0.39
b8 HE 200 B 18.28 249.17 541.45 0.39
b9 HE 200 B 18.12 169.25 373.48 0.27
b10 HE 200 B 18.12 169.25 373.48 0.27
COL Sec Ned,G Ned,E Ned Med3,G Med3,E Med3 Med2,G Med2,E Med2 ratio
kN kN kN kNm kNm kNm kNm kNm kNm
c1 HE 280 B 302.91 301.65 936.27 0.00 58.55 122.93 0.00 18.56 38.96 0.61
c2 HE 280 B 575.90 186.84 968.19 0.00 58.55 122.93 0.01 1.46 3.07 0.48
c3 HE 280 B 575.90 186.84 968.19 0.00 58.55 122.93 0.01 1.44 3.02 0.48
c4 HE 280 B 302.91 301.65 936.27 0.00 58.55 122.93 0.01 18.03 37.86 0.61
c5 HE 280 B 241.64 240.48 746.58 0.00 6.72 14.11 0.00 1.71 3.60 0.22
c6 HE 280 B 456.76 36.22 532.80 0.00 6.72 14.11 0.00 1.88 3.94 0.17
c7 HE 280 B 456.76 36.22 532.80 0.00 6.72 14.11 0.00 1.87 3.92 0.17
c8 HE 280 B 241.64 240.49 746.58 0.00 6.72 14.11 0.00 1.68 3.53 0.22
c9 HE 280 B 180.37 179.44 557.13 0.00 7.22 15.17 0.00 1.92 4.04 0.18
c10 HE 280 B 337.96 61.57 467.24 0.00 7.22 15.17 0.00 2.22 4.67 0.16
c11 HE 280 B 337.96 61.57 467.24 0.00 7.22 15.17 0.00 2.21 4.65 0.16
c12 HE 280 B 180.37 179.44 557.13 0.00 7.22 15.17 0.00 1.89 3.98 0.18
c13 HE 280 B 119.11 118.46 367.84 0.00 10.23 21.48 0.00 3.37 7.07 0.16
c14 HE 280 B 219.25 111.68 453.74 0.00 10.23 21.48 0.00 4.68 9.83 0.19
c15 HE 280 B 219.25 111.68 453.74 0.00 10.23 21.48 0.00 4.67 9.80 0.19
c16 HE 280 B 119.11 118.46 367.84 0.00 10.23 21.48 0.00 3.30 6.93 0.16
c17 HE 280 B 57.84 57.52 178.60 0.00 10.23 21.48 0.00 3.37 7.07 0.11
c18 HE 280 B 100.68 93.21 296.38 0.00 10.23 21.48 0.00 4.80 10.09 0.15
c19 HE 280 B 100.68 93.20 296.38 0.00 10.23 21.48 0.00 4.78 10.04 0.15
c20 HE 280 B 57.84 57.52 178.60 0.00 10.23 21.48 0.00 3.30 6.93 0.11
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Figure 4.36
General configuration of FUSEIS building with innovative fuse systems.
Among types of FUSEIS systems, FUSEIS 1-1 was designed
according to Eurocode and FUSEIS Design Guide.
Unlike MRFs and EBFs, FUSEIS is an innovative steel-
concrete composite system and, thus, composite action is
taken into account regarding both the slabs and the beams .
On account of "shear lag" effect, the equivalent lengths be f f
of the composite beams were calculated according to EC4, as
shown in Figure 4.37, depending on constraint conditions
and span lengths.
Figure 4.37
Rules for be f f in composite slab according to EC4.
Fuseis systems were placed symmetrically in the building plan in order to have the same
seismic behaviour in both direction. In x direction there is one fuseis system for each frame
while in y direction there are two fuseis system only in external frames, as shown in Figure
4.38. The axial distance between system columns is 2.00 m and the columns are connected to
each other through 5 fuseis in each storey.
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As far as materials in the composite slab are concerned, C25/30 as a concrete and B450C as
a reinforcement steel were used. While as a Structural Steel, for non-dissipative elements (
beams and columns) Steel grade S355 was used and for Fuseis, dissipative elements, Steel
grade S235. The property material data are shown in Table 4.18.
Materials
Concrete C25/30
Rck = 30MPa Compressive cube strength
fck = 0.83 ·Rck = 0.83 ·30= 25MPa Compressive cylindrical strenght
Ecm = 30000MPa Modulus of elasticity
Reinforcement Steel B450C
fyk = 450MPa Characteristic yield strength
fyd =
fyk
γs
= 391.3MPa Design yield strength
ftk ≥ 540MPa Maximum yield strength
Structural Steel S355 Non dissipative elements (beams and columns)
Fyk = 355MPa Characteristic Yield Stress
Fuk = 510MPa Characteristic Tensile Stress
E = 2.10 ·105MPa Modulus of Elasticity
Structural Steel S235 Dissipative elements (FUSEIS)
Fyk = 235MPa Characteristic Yield Stress
Fuk = 360MPa Characteristic Tensile Stress
E = 2.10 ·105MPa Modulus of Elasticity
Table 4.18
Definition of materials for FUSEIS.
As far as beam-to-column connections are concerned, it is important to notice that, since
there are no rules in the codes, the designer has the freedom to decide and to calibrate the
seismic resistance of building. If the beam-to-column connections of the building are formed
as simple, the fuseis system is the only resisting frame, instead when the connections are rigid
or semi-rigid, it works in combination with the overall moment resisting frame.
The fuses beams connections are assumed rigid and the beam-to-system columns connec-
tions are pinned since the system is not intended to carry over gravity loads.
The column bases are assumed pinned with the aim to minimise damage at the foundation;
analytical investigations showed that the difference between pinned or fixed in the seismic
response was not significant.
Figure 4.40 shows the general layout in which the types of connections are indicated.
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Figure 4.38
Plan view with FUSEIS systems marked in red.
The rotational stiffness of the semi-
rigid connections was assumed equal
to k = 4E · Ib/Lb where Ib is the mo-
ment of inertia of the beam and Lb is
the length of the beam.
As shown in Figure 4.39, the value
of numerical coefficient ranges from
zero for the ideally pin-ended joint
case and is infinite for the perfectly
rigid-jointed connection case.
Figure 4.39
Rotational stiffness of the semi-rigid connections
Regarding the composite beams sections ,these are simulated adversely taking into account
only the participation of the concrete section above the profiled sheeting as shown in Fig.4.41.
To simulate the rigid floor, diaphragm action was assigned on the joints of each storey level.
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Figure 4.40
General layout with the pinned and semi-rigid connections.
Figure 4.41
Definition of equivalent length be f f and modelling in sap2000.
The sections of the fuses beams are reduced along the height of the building, following the
decrease of storey shear from the base to the top of the building.
The dissipative elements of the FUSEIS systems are the beams. The beams were weakened at
some distance from the columns, reducing the flanges. In this way, the plastic hinge forms
away from the connection area and plastic deformations with concentration tensions in the
connection are separated.
Furthermore the RBS allow to reduce the columns sections, according to the capacity design,
because it reduces the over-resistance.
The reduction of the flanges is around 35%. The general recommendations regarding dimen-
sions and locations of the RBS were taken by EC8, as shown in Table 4.19.
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Table 4.19
Configurations of RBS sections (EuroCode8).
Distance a Length of RBS s Flange reduction
0.6 ·b f 0.75 ·hbeam ≤ 0.50 ·b f
Regarding the simulation of the fuses beams, rigid zones are assigned from column centres
to the faces of the beams, while the net length of the beams is subdivided into 5 zones
representing the full sections and the RBS sections.
(a) Plan view of RBS. (b) Configuration RBS in sap2000.
Figure 4.42
Modelling of RBS.
Table 4.20
Fuses beams sections and respective RBS
SECTION h b f a s c be Wpl Wpl RBS Mpl ,beams Mpl RBS r ed
mm mm mm mm mm mm cm3 cm3 kNm kNm %
IPE 300 300 150 90 225 36 78 628.36 405.48 202.96 130.97 35.47
IPE 270 270 135 81 202.5 32.4 70.2 484.00 312.28 156.33 100.87 35.48
IPE 240 240 9.8 72 180 28.8 62.4 366.65 236.70 118.43 76.45 35.44
IPE 220 220 110 66 165 26.4 57.2 285.41 183.01 92.19 59.11 35.88
IPE 200 200 100 60 150 24 52 220.64 142.51 71.27 46.03 35.41
The final configuration and the used sections for each component are shown in Figure 4.43.
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Fuseis systems
Columns axial distance 2 m
Fuseis Beams 5 per storey
Beam Sections IPE (200-300)
Columns Sections HEB300
Non dissipative elements
Columns HEB260
Beams IPE330+slabs
HEA140 (secondary beams)
Figure 4.43
Configuration and component sections of Fuseis systems
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4.6.1 Modal analysis
According to EC8 , the sum of the effective modal masses for the modes taken into account
amounts to at least 90% of the total mass of the structure and all modes with effective modal
masses greater than 5% of the total mass are taken into account . As the Tab. 4.21 shows, only
the first six modes are necessary to achieve them. In Fig.4.25 the range of periods is shown.
Table 4.21
Modal Participating Mass Ratio
StepType StepNum Period UX UY SumUX SumUY
Text Unitless Sec Unitless Unitless Unitless Unitless
Mode 1 1.57 0.0020 0.7678 0.0020 0.7678
Mode 2 1.55 0.7695 0.0020 0.7715 0.7698
Mode 3 1.14 0.0012 0.0001 0.7726 0.7699
Mode 4 0.49 0.0001 0.1640 0.7728 0.9339
Mode 5 0.48 0.1623 0.0001 0.9350 0.9340
Mode 6 0.36 0.0001 0.0000 0.9351 0.9340
0 0.5 1 1.5 2 2.5 3 3.5 4
0
0.2
0.4
0.6
0.8
T (s)
a
g
(g
)
q=3 q=1
Figure 4.44
range structural period .
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(a) T1=1.57 2D View and 3D View.
(c) T2=1.55 2D View and 3D View.
(e) T3=1.14 2D View and 3D View.
Figure 4.45
Modal analyses results
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4.6.2 Design for ordinary loads
Design at the ultimate limit state
The basic combination 1.35 ·G + 1.5 ·Q of the ultimate limit state is the most critical for
the design of the non-dissipative elements, composite beams and columns. The Table 4.22
includes the utilization ratios of the most unfavourable composite beams and columns for the
governing check .
Table 4.22
Ultimate limit state checks
Member Governing Check ratio
IPE330 Bending (negative) 0.75
IPE330+SLAB Bending (positive) 0.9
HEA140+SLAB Bending 0.85
HEB260 Buckling 0.89
Design at the serviceability limit state
The steel beams HEA140, IPE330 are assumed to be temporarily supported during the con-
struction stage, such as vertical deflections are checked only for the composite beams at the
SLS (1.00G + 1.00Q) as shown in Table 4.23.
Table 4.23
Serviceability limit state checks
Member δ(m) L/250(m) ratio
HEA140+SLAB 0.01 0.24 0.42
IPE330+SLAB 0.008 0.028 0.28
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4.6.3 Design for seismic action
Design of dissipative elements
Figure 4.46
Modelling of typical fuse with RBS.
The dissipative elements are verified to resist the internal forces and moments calculated
during the structural analysis.
The moment capacity shall be verified as following:
Mc f ,E d /Mpl ,Rbs ≤ 1
where:
Mc f ,E d is the design bending moment ;
Mpl ,Rbs design moment, plastic, resistance of RBS section (Mpl ,Rbs =Wpl ,RBS · fy );
The shear resistance shall be verified in accordance to:
Vcd ,E d /Vpl ,Rbs ≤ 1
where:
Vcd ,E d is the capacity design shear force,according to capacity design is 2 ·Mpl ,Rbs/Lr bs;
Vpl ,Rbs design shear Vpl ,Rbs = Av · fy /
p
3;
In case Vcd ,E d /Vpl ,Rbs ≤ 1, the influence of shear is neglected when determining full plastic
moment of resistance for the RBS (Mpb,Rd,RBS).
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The FUSEIS columns are checked to resist the capacity design action effects as following:
NC D,E d =NE d ,G +1.1 ·γov ·Ω ·NE d ,E
MC D,E d =NE d ,G +1.1 ·γov ·Ω ·ME d ,E
VC D,E d =NE d ,G +1.1 ·γov ·Ω ·VE d ,E
where:
NC D,G , MC D,G ,VC D,G = are the actions n effect due to the non-seismic actions included
in the combination of actions for the seismic design situation;
NC D,E , MC D,E ,VC D,E = are the actions effect from the analysis of the design seismic action
γov = is the over-strength factor,taken as 1.25;
Ω=mi n Mpl ,RBS,Rd
ME d
= is minimum value of the relevant ratios for all FUSEIS beams in
the building.
The non-dissipative elements, i.e. the system columns, are designed to resist the capacity
design action effects considering the most unfavourable combination of the axial force and
bending moments, according to EC3, 5.54:
Nsd
χ · A · f y
γM1
+ kl t y ·My,Sd
χLT y ·Wpl ,y ·
f y
γM1
++ kl t z ·Mz,Sd
χLTz ·Wpl ,z ·
f y
γM1
The members of structural systems resistance were checked in both directions. Here only the
checks in X direction are reported in Tab. 4.26.
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4.6.4 Safety Verifications
Limitation of inter-storey drift.
Table 4.24
Inter storey drifts for X – Y directions
OutputCase de(Ux) de(Uy) dr(Ux) drUy) dr*v/h (x) dr*v/h (y) check
Story Text m m m m
0 EnvSLD 0.0000 0.0000 0.0000 0.0000 0.0000 0.0000 ok
1 EnvSLD 0.0099 0.0122 0.0099 0.0122 0.0029 0.0036 ok
2 EnvSLD 0.0219 0.0270 0.0119 0.0148 0.0035 0.0043 ok
3 EnvSLD 0.0352 0.0434 0.0133 0.0165 0.0039 0.0048 ok
4 EnvSLD 0.0488 0.0599 0.0136 0.0165 0.0040 0.0048 ok
5 EnvSLD 0.0617 0.0750 0.0129 0.0151 0.0038 0.0044 ok
Second order effects
Table 4.25
Second order effects
VALUATION OF INTER-STOREY DRIFT SENSITIVITY COEFFICIENTΘ (dir. x)
Liv h P Vx dtot p T1,x Tc q md dEx dr,x Θ 1/(1−Θ)
[m] [kN] [kN] [m] [s] [s] [m] [m]
1 3.4 10027.59 693.00 0.01 1.55 0.48 3.00 3.00 0.03 0.03 0.15 1.17
2 3.4 8006.90 586.04 0.03 0.08 0.04 0.17 1.20
3 3.4 5988.79 480.27 0.04 0.12 0.05 0.17 1.21
4 3.4 3973.16 415.21 0.06 0.17 0.05 0.13 1.15
5 3.4 1964.78 315.10 0.07 0.22 0.04 0.08 1.00
VALUATION OF INTER-STOREY DRIFT SENSITIVITY COEFFICIENTΘ (dir. Y)
Liv h P Vy dtot p T1,x Tc q md dEx dr,x Θ 1/(1−Θ)
[m] [kN] [kN] [m] [s] [s] [m] [m]
1 3.4 10027.59 687.18 0.01 1.57 0.48 3.00 3.00 0.03 0.03 0.14 1.17
2 3.4 8006.90 580.54 0.02 0.07 0.04 0.16 1.19
3 3.4 5988.79 473.31 0.04 0.12 0.04 0.16 1.20
4 3.4 3973.16 410.61 0.05 0.16 0.05 0.13 1.15
5 3.4 1964.78 312.30 0.07 0.21 0.04 0.08 1.00
As a result the seismic action effects in x direction have to be multiplied by
1
1−θ = 1.21 and in
y direction by 1.20.
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Figure 4.47
FUSEIS: Frame checked with linear analysis.
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Table 4.26
Checks of the FUSEIS system in X directions
FUSEIS profilo Med Mpl ,Rbs M ≤ 1 Ω V edmax Vpl ,Rbs V ≤ 1
kNm kNm kN kN
F-1 IPE 300 94.19 130.97 0.72 1.39 154.08 319.39 0.48
F-2 IPE 300 107.71 130.97 0.82 1.22 154.08 319.39 0.48
F-3 IPE 300 113.69 130.97 0.87 1.15 154.08 319.39 0.48
F-4 IPE 300 116.05 130.97 0.89 1.13 154.08 319.39 0.48
F-5 IPE 300 120.94 130.97 0.92 1.08 154.08 319.39 0.48
F-6 IPE 270 89.40 100.87 0.89 1.13 118.67 278.65 0.43
F-7 IPE 270 92.11 100.87 0.91 1.10 118.67 278.65 0.43
F-8 IPE 270 93.64 100.87 0.93 1.08 118.67 278.65 0.43
F-9 IPE 270 99.75 100.87 0.99 1.01 118.67 278.65 0.43
F-10 IPE 240 71.71 76.45 0.94 1.07 89.95 243.33 0.37
F-11 IPE 240 74.60 76.45 0.98 1.02 89.95 243.33 0.37
F-12 IPE 240 76.17 76.45 1.00 1.04 89.95 243.33 0.37
F-13 IPE 240 72.91 76.45 0.95 1.05 89.95 243.33 0.37
F-14 IPE 220 37.32 59.11 0.63 1.58 69.54 202.69 0.34
F-15 IPE 220 39.07 59.11 0.66 1.51 69.54 202.69 0.34
F-16 IPE 220 39.54 59.11 0.67 1.49 69.54 202.69 0.34
F-17 IPE 200 43.65 46.03 0.95 1.05 54.15 166.82 0.32
F-18 IPE 200 45.09 46.03 0.98 1.02 54.15 174.19 0.31
F-19 IPE 200 43.50 46.03 0.95 1.06 54.15 174.19 0.31
F-20 IPE 200 41.57 46.03 0.90 1.11 54.15 174.19 0.31
F-21 IPE 200 34.54 46.03 0.75 1.33 54.15 174.19 0.31
COL. profilo Ned,G Ned,E Ned Med3,G Med3,E Med3 Med2,G Med2,E Med2 ratio
kN kN kN kNm kNm kNm kNm kNm kNm
c1 HE 300 B 320.39 699.76 1286.22 4.39 80.01 114.82 0.11 6.62 9.74 0.488
c2 HE 300 B 842.60 750.71 1878.74 0.74 80.01 111.17 13.50 4.93 20.68 0.640
c3 HE 300 B 250.92 443.68 863.29 6.79 55.36 83.20 0.08 7.13 10.46 0.353
c4 HE 300 B 663.47 488.75 1338.05 3.05 55.36 79.47 23.50 17.49 48.94 0.579
c5 HE 300 B 174.63 242.26 509.00 7.32 52.22 79.39 0.07 7.64 11.18 0.273
c6 HE 300 B 500.72 277.51 883.75 3.57 52.22 75.65 19.62 16.64 43.83 0.460
c7 HE 300 B 108.67 121.72 276.67 6.82 43.29 66.56 0.10 7.65 11.23 0.203
c8 HE 300 B 341.31 145.13 541.62 3.11 43.29 62.86 18.40 16.42 42.30 0.360
c9 HE 300 B 41.50 17.63 65.84 10.48 26.54 47.11 0.09 5.26 7.74 0.115
c10 HE 300 B 167.55 28.18 206.44 2.98 26.55 39.62 33.59 20.89 63.99 0.324
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5NON-LINEAR ANALYSIS OF CASES STUDIES
5.1 Non-linear modelling of cases studies
As seen before, phenomena affecting non-linear behaviour of the structures , as geometrically
non-linearity and material non-linearity, can be represented only through non-linear analysis.
In order to represent non-linear behaviour of structures, but, especially, of each elements of
structure, the sensitive point of analysis is the way to model the abovementioned non-linearity
phenomena.
Geometrically non-linearity, as large
displacements, can be represented in
the model, only with a coordinate sys-
tem integral and able to rotate with
element itself. Figure 5.1 shows an
example of large displacements with
local axis rotation. Only in this way,
influence of deformed shape can be
taken into account.
Figure 5.1
An example of large displacements with local axis rotation.
As far as material non-linearity is concerned, as stated in previously chapter, all recent codes
allow two modelling types, plastic hinges and fiber.
In this thesis, the evaluation of structural performance was led through two different software
FEM. One is commercial software SAP2000 and the other one is OpenSees, an open system for
earthquake engineering simulation.
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Pushover analysis was carried out both sap2000 (3D and 2D model) and OpenSees (2D model)
in order to compare the results. While IDA was carried out only in 2D model with OpenSees .
The main difference between two software is the definition of non-linearity in the dissipative
elements. In sap2000, potential plastic hinges can be only defined in small area of elements,
usually at the ends of elements; instead, in Opensees , non-linear elements with fiber sections
can be also assigned .
Following, the main characteristics to define non-linearity material will be described, before
regarding sap2000 and then for Opensees. Only informations regarding steel material will be
taken into account.
• Non-linearity in SAP2000
As far as material non-linearity in sap2000 is concerned, plastic hinges properties can
be defined depending on type of hinge and, thus, on type of load-deformation relation-
ship,as Moment-Rotation, and depending on available form, as forms for only Axial,
Shear, Torsion and Moment or for interacting hinges (P-M2, P-M3, M2-M3, and P-M2-
M3).
As shown in Figure 5.2, the general Force-Deformation relation for steel elements, sug-
gested by FEMA 356, are already implemented; limit values (a,b,c in Figure) depend on
non-linear behaviour of each structural type (MFR, EBF etc.) and are indicated by FEMA
itself or by laboratory tests.
Right figure is a window of SAP2000 in which user shall define the force-deformation
relation as indicated by FEMA 356.
Figure 5.2
Generalized Force-Deformation Relation for Steel Elements according to FEMA 356.
Where Q is generalized component load, Qy is generalized component yield strength,
Θ the total elastic and plastic rotation of the beam or column,Θ is the total elastic and
plastic rotation of the beam or column and∆ is the total elastic and plastic displacement
of the beam or column.
It should be noted that Hinge Properties in SAP2000 define only the plastic hinge be-
haviour. The elastic behaviour of the frame element is determined by the frame section
(and hence material properties) assigned to the element. Thus, the linear behaviour of
the structure is not changed by the assignment of hinges to the frame objects.
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The portions of the hinge load-
deformation curve from A to B are
ignored by the program. After a hinge
yields at point B, plastic deformation is
determined by the curve B-C-D-E with all
plastic deformation measured relative to
B.
Figure 5.3
Plastic behaviour of the hinge in sap2000.
The elastic slope of a hinge is actually given by the elastic stiffness of the element over
the assumed length of the hinge. The strain-hardening slope is the slope of line BC.
Finally, once plastic hinges have been defined, they can be assigned in parts of elements,
for example at the ends of beams.
As far as geometrically non-linearity is concerned, user can choose geometric non-
linearity parameters among: None, P-Delta and P-Delta plus large Displacements.
• Non-linearity in OpenSees
Non-linearity can be introduced at several levels:
- material;
- section ;
- element .
As far as material level is concerned, steel behaviour can be modelled through a material
stress-strain model. In the software there is a rich library of materials. The constitutive
law for the steel material modelling within all cases studies is Steel02, a uni-axial Giuffre-
Menegotto-Pinto steel material object with isotropic strain hardening, as shown in
Figure 5.4.
It is characterized by behaviour practically bilinear with a transition zone from elastic
to plastic branches. This transition occurs in soft manner without a sudden stiffness
change and, thus, problems about numerical instability are avoided. The transition is
controlled by some parameters, as R0, taken between 10 and 20, cR1= 0.925 , cR2= 0.15.
Yield strength (Fy ), initial elastic tangent(E) and strain-hardening ratio, ratio between
post-yield tangent(Ep ) and initial elastic tangent are defined by user. [9]
As far as section level is concerned, all sections of the elements can be modelled with
fiber section, this type of section has a general geometric configuration formed by
subregions of quadrilateral shapes, called patches. Each path of section has coordinates
(IJKL) and it is discretized into fibers. Each fiber works with the uni-axial material
previously described. Moreover, the sections can be constructed with Aggregator Section,
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(a) Definition of Steel02 Material in Opensees. (b) Cyclic behaviour of Steel02 material.
Figure 5.4
Steel02 material: Menegotto-Pinto law
in which it is possible to match different material behaviours in a single section, for
example, an elastic material to represent shear behaviour and fiber section to represent
interacting between moment and axial strength, as shown in Figure 5.5.
Obviously, the greater is fiber numbers better are results but greater is computational
burden. For this reason, before the analysis data of cases studies, a sensitivity study
to understand the necessary fiber number it was led. The number of fibers was taken
equal to 16 along dw and b f while 4 along tw and t f .
Figure 5.5
Aggregator section with detailed fiber section.
Finally, as far as element level is concerned, the Nonlinear Beam Column Element with
defined integration points along the element can be used , as shown in Figure 5.6. This
type of element is based on the non-iterative force formulation, and considers the spread
of plasticity along the element. User shall provide the start node and end node , number
of integration points along the element, a previously-defined section and identifier for
previously-defined coordinate-transformation object. The latter regards geometrically
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non-linearity, with this object, the transformation of the beam element stiffness and
resisting force from the basic system to the global-coordinate system is obtained. It
can be defined a Linear or P-Delta or Corotational transformation, considering or not
the second-order effects or large deformations. For example, for the beams, linear
transformation is defined, while for the columns, P-Delta transformation is defined.
Figure 5.6
Nonlinear Beam Column Element object in Opensees.
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5.2 Execution of Static Pushover analysis (SPO)
Static Pushover analysis (SPO) were performed on each structure using two monotonically
increasing patterns of lateral loads, applying, at the same time, the vertical loads (G+0.3Q),
being G the sum of the self weight and the slab weight and Q the live load.
The lateral loads were applied monotonically in a step-by-step non-linear static analysis.
As far as lateral load distributions are concerned, Eurocode 8 suggests to take into account
both uniform and modal load distribution, as shown in Figure 5.7. Obviously, since the loads
resultant is different, the curves show different shapes; both can represent the structural real
response.(see Figure 5.8)
Figure 5.7
Uniform and modal lateral load distribution.
Figure 5.8
Uniform and modal lateral load distribution.
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5.3 Execution of Incremental dynamic analysis
First of all, the accelerograms shall be selected, but there are several ways and methods to
select ground motions based on pre-existing data and there is not a definite answer about the
accuracy and precision of these methods in predicting the structural response.
Eurocode 8 differentiates between artificial accelerograms and recorded or simulated accelero-
grams, although the rules of application are largely similar.
The selection of the number of ground motions is still a topic of research, according to EC8,
a minimum of three accelerograms should be used and with these records, the maximum
response shall be considered. It is possible to consider the mean response if at least seven
accelerograms are generated. Clearly, using more accelerograms, the uncertainty is reduced.
5.3.1 Definition of input parameters for used accelerograms
Incremental dynamic analysis (IDA) was performed adopting 7 artificial accelerograms de-
fined by computer program SIMQKE (SIMulation of earthQuaKe ground motions).
SIMQKE was originally developed by Gasparini and Vanmarcke at the Massachusetts Institute
of Technology. These are obtained through numerical simulations, from a target spectrum.
Gasparini and Vanmarcke developed a method that generates a power spectral density func-
tion from a specified smooth response spectrum and continues to create statistically inde-
pendent artificial acceleration time histories. By iteration, they are matched to the specified
response spectrum.
The input is the elastic response spectrum with design PGA and the output is the required
number of records statistically independent, spectrum equivalent. An earthquake can be
described as a limited duration segment of a stationary random function with a given spectral
density function .
In order to simulate the transient character of real earthquakes, a deterministic envelope
function, SIMQUE-GR has only the trapezoidal function by default, as shown in Figure 5.9.
Envelope definition
Type Trapezoidal
Duration(s) 20
Rise Time(s) 5
Level Time(s) 15
Figure 5.9
Filter function for the generation of artificial time histories.
The time intervals for the initial and ending ramps were taken equal to 5.0 s and the strong
motion duration is 10 s. The relevant Eigen-periods were assumed to be in a range between
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0.02 s and 3.0 s. The chosen sampling interval of ∆t = 0.01 s allow a sufficient accurate calcula-
tion for Eigen-frequencies up to 20 Hz (5 points for each period).
Finally , the input data to put in SISMQKE are:
TS Smallest period of desired response spectrum;
TL Largest period of desired response spectrum ;
TRISE Start of the stationary part of the accelerogram;
TLVL Duration of the stationary part (min 10 s);
DUR Total duration;
NCYCLE Number of cycles to smooth the response spectrum;
AGMX Maximum ground acceleration (g);
NPA Number of artificial earthquakes;
IIX Arbitrary odd integer;
AMOR Damping coefficient.
Figure 5.10
Input data to produce artificial earthquakes compatible with response spectrum
In Figure 5.11 the selected artificial accelerograms for Ida curves are shown.
Figure 5.11
Artificial accelerograms used for IDA curves
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5.3.2 Definition of Scale Factors SF
Each single accelerogram has to be scaled by a number of SF , which depends on the quality
of informations to be obtained. In this case 15 SF were taken into account to scale each
accelerogram (SF=0.1g...1.5g).
5.3.3 Definition of Intensity Measure IM
The choice of IM depends on many characteristics. When the IM is PGA, each accelerogram
shall be multiplied by :
λ= SF
PG Adesi g n
where SF is the scale factor previously defined scaling PGA, while PG Adesi g n is equal to 0.25g.
Table 5.1 shows the accelerogram multipliers λ when PGA is taken as Intensitivity measure
(IM).
Table 5.1
Scale Factor for IM=PGA
SF = 0.1g 0.2g 0.3g 0.4g 0.5g 0.6g 0.7g 0.8g 0.9g 1g 1.1g 1.2g 1.3g 1.4g 1.5g
λ = 0.4 0.8 1.2 1.6 2 2.4 2.8 3.2 3.6 4 4.4 4.8 5.2 5.6 6
Instead, when the IM is the spectral acceleration Sa(T1,5%), each accelerogram shall be
multiplied by :
λ= SF
Sai (T1)
where SF is the scale factor previously defined scaling Sa(T1,5%), and Sai (T1,5%) is the
spectral acceleration at the structure’s first-mode period pertinent to each record (i).
For example, for a building with the
structure’s first-mode period equal to
T1 = 1.50s, the corresponding spectral
acceleration Sai (T1,5%) shall be taken for
each accelerogram (i = 1...7)
Figure 5.12 shows the first accelerogram
spectrum and the corresponding spectral
acceleration Sa1(T1,5%).
Figure 5.12
An example of accelerogram spectrum.
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Table 5.2 shows the values of Sai (T1,5%) corresponding to T1 = 1.50, for all 7 accelerograms.
Table 5.2
values of Sai (T1,5%) corresponding to T1 = 1.50, for all 7 accelerograms
T1 = 1.50 Acc1 Acc2 Acc3 Acc4 Acc5 Acc6 Acc7
Sa(T1)g 0.21 0.19 0.19 0.24 0.15 0.15 0.23
Table 5.3 shows the accelerogram multipliers λ when Sa(T1)g is taken as Intensity Measure
(IM).
Table 5.3
Scale Factor for IM = Sa(T1)g
SF = 0.1g 0.2g 0.3g 0.4g 0.5g 0.6g 0.7g 0.8g 0.9g 1g 1.1g 1.2g 1.3g 1.4g 1.5g
λ1 = 0.5 1.0 1.4 1.9 2.4 2.9 3.3 3.8 4.3 4.8 5.2 5.7 6.2 6.7 7.1
λ2 = 0.5 1.0 1.6 2.1 2.6 3.1 3.6 4.1 4.7 5.2 5.7 6.2 6.7 7.2 7.8
λ3 = 0.5 1.0 1.6 2.1 2.6 3.1 3.6 4.1 4.7 5.2 5.7 6.2 6.7 7.2 7.8
λ4 = 0.4 0.8 1.3 1.7 2.1 2.5 2.9 3.4 3.8 4.2 4.6 5.1 5.5 5.9 6.3
λ5 = 0.7 1.3 2.0 2.7 3.4 4.0 4.7 5.4 6.0 6.7 7.4 8.1 8.7 9.4 10.1
λ6 = 0.7 1.3 2.0 2.6 3.3 4.0 4.6 5.3 6.0 6.6 7.3 7.9 8.6 9.3 9.9
λ7 = 0.4 0.9 1.3 1.8 2.2 2.6 3.1 3.5 4.0 4.4 4.8 5.3 5.7 6.2 6.6
Finally, since artificial accelerogram compatible with response spectrum were selected, the
choice among Peak Ground Acceleration or Spectral Acceleration will give similar results.
With the aim to have less calculation burden, the chosen IM is the peak ground accelerations.
5.3.4 Definition of Damage Measure (DM)
Selecting a suitable DM depends on the structure itself;for example, for fuseis structure, the
maximum peak inter-storey drift angle θmax =max(θ1, ....θn) with n-story is the strongest DM
candidate.
θmax relates well both global and local story collapse, thus taking into account θmax , expressed
in terms of the total drift, such as θmax is better than the effective drift; once that the collapse
for both stability and shear was avoided. In sections regarding each case study, damage
Measure will be defined in detail.
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5.4 Performance requirements and Acceptance criteria
The non-linear static and dynamic analysis were carried out to investigate the seismic perfor-
mance and to evaluate the performance factor.
As already stated in Performance Based Design section, there are several guidelines to define
the structural performance levels and ranges. For the evaluation of the seismic performance
of cases study , the performance levels, suggested by FEMA 356, were taken into account.
These are :Immediate Occupancy (IM), Damage Control (DC), Life Safety (LS) and Collapse
Prevention (CP). Where:
IM Immediate Occupancy performnce level means the post-earthquake damage state
in which only very limited structural damage has occurred. The basic vertical- and
lateral-force-resisting systems of the building retain nearly all of their pre-earthquake
strength and stiffness. The risk of life threatening injury as a result of structural damage
is very low, and although some minor structural repairs may be appropriate, these would
generally not be required prior to re-occupancy.
DC Damage Control performance level is a state between the Life Safety Structural Perfor-
mance Level and the Immediate Occupancy Structural Performance Level.
LS Life Safety Structural Performance means the post-earthquake damage state in which
significant damage to the structure has occurred, but some margin against either partial
or total structural collapse remains. Some structural elements and components are
severely damaged, but this has not resulted in large falling debris hazards, either within
or outside the building. Injuries may occur during the earthquake; however, the overall
risk of life-threatening injury as a result of structural damage is expected to be low. It
should be possible to repair the structure; however, for economic reasons this may
not be practical. While the damaged structure is not an imminent collapse risk, it
would be prudent to implement structural repairs or install temporary bracing prior to
re-occupancy.
CP Collapse Prevention Structural Performance means the post-earthquake damage state
in which the building is on the verge of partial or total collapse. Substantial damage to
the structure has occurred, potentially including significant degradation in the stiffness
and strength of the lateral-force resisting system, large permanent lateral deformation
of the structure, and — to a more limited extent — degradation in vertical-load-carrying
capacity. However, all significant components of the gravity load- resisting system must
continue to carry their gravity load demands. Significant risk of injury due to falling
hazards from structural debris may exist. The structure may not be technically practical
to repair and is not safe for re-occupancy, as aftershock activity could induce collapse.
[5].
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A crucial point in the assessment of structures using non-linear static and dynamic analysis is
the definition of limit states, not exactly defined in European seismic standards. The seismic
performance of structures can be evaluated by general deformation criteria (for example
the over-passing of the inter-storey drift limit) or local ductility criteria. Furthermore, non
seismic-specific verifications as shear capacity, global buckling, and others should be also
carried out. Global deformation criteria as roof and storey drift defined according to FEMA
356 were only used as indicative values.
The collapse criteria change depending on structural typology. Foe example, for eccentrically
braced frames (EBF) one of the most conditioning collapse criteria is obviously the failure of
link elements, while for moment resisting frames,is the columns buckling and the inter-storey
drift for FUSEIS systems.
In the section regarding on each case study, all limit states will be considered in detail .
5.5 Evaluation of the behaviour factor of cases studies
On the elaborated non linear models, non linear static (PUSHOVER) and dynamic (IDA)
analyses were executed, in order to optimize the design and to evaluate the effective behaviour
q-factor values with respect to the values adopted in the design according to actual standards.
The evaluation of q-factor was executed considering two different approach, depending on
non-linear analysis type.
• Pushover analysis (SPO) −→ Reference to FEMA695 procedure;
• Incremental dynamic analysis −→Modified BALLIO-SETTI procedure;
5.5.1 SPO : evaluation of q-factor according to FEMA 695 procedure
Once static pushover analysis (SPO) was carried out, behaviour q-factor shall be evaluated.
As far as evaluation of q-factor is concerned, there are several methods to estimate the ductility
of structure. The bilinear approach, proposed by FEMA 695, was used, as shown in figure 5.13.
According to FEMA 695,the behaviour q-factor value is defined as:
q =Ω ·µ
where the over-strength factorΩ is defined as the ratio of the maximum base shear resistance
Vmax , to the design base shear, V . The period-based ductility µ is defined as the ratio of
ultimate roof drift displacement du to the effective yield roof drift displacement dy,e f f [6].
The effective yield roof drift displacement is given by the formula:
dy,e f f =C0 ·
Vmax
W
·
( g
4pi2
)
· (max(T,T1))2
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q =Ω ·µ;
Ω= Vmax
V
µ= du
dy
Figure 5.13
Bilinear approach of pushover curve and calculation of q factor
where:
C0 relates fundamental-mode (SDOF) displacement to roof displacement;
Vmax /W is the maximum base shear normalized by building weight,
g is the gravity constant;
T is the fundamental period (by linear static analysis);
T1 is the fundamental period of the archetype model computed using eigenvalue analysis.
The coefficient C0 is calculated as follows:
Co =φi ,r ·
N∑
1
mx ·φi ,x
N∑
1
mx ·φ2i ,x
where mx is the mass at level x; and φi ,x is the ordinate of the fundamental mode at level x
(roof), and N is the number of levels.
As far as determination of design base shear V is concerned, for each case study, the follow
procedure was carried out:
1. Linear analysis with design PGA 0.25g was carried out;
2. the most stressed element was taken and, the ratio between demand (D) and capacity
(C) of this element was calculated→ D
C
;
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3. λ=
(D
C
)−1
is the multiplier acceleration at which corresponds design base shear V;
4. Design Base Shear is equal to V =m ·λ ·0.25g , where m is the mass of the structure .
5.5.2 IDA : evaluation of q-factor according to Ballio-Setti procedure
The behaviour factor for each IDA curve is obtained through Ballio-Setti approach with the
following equation:
q = λu
λst ati c
where:
λu is the accelerogram multiplier at the first limit state;
λe,st ati c is the equivalent static seismic forces multiplier which corresponds to the first
attainment of the plastic hinge in the structure;
It is necessary to notice that, when IM is the PGA, the discrepancy between design spectrum
PGA and artificial earthquake spectrum PGA cannot be neglected because it could strongly
influence seismic behaviour assessment, as shown in Figure 5.14.
Figure 5.14
Discrepancy between the spectral acceleration of the selected accelerogram and the elastic spectrum one.
Thus, it is opportune to modify the Ballio-Setti equation with the following expression.
q = λu
λst ati c
· as,ar t
asd
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where:
as,ar t is the acceleration of the spectrum of the current accelerogram;
asd the acceleration of the design spectrum both corresponding to the fundamental
period of the structure;
5.6 Definition of Target Displacement (N2-Method)
This method evaluates the seismic response of the structures through the combination of
the capacity curve (pushover) of a multi-degree-of-freedom (MDOF) model and the response
spectrum for single-degree-of-freedom (SDOF) system.
The method is formulated in the acceleration -displacement format, which enables the visual
interpretation of the procedure and of the relations between the basic quantities controlling
the seismic response. Inelastic spectra, rather than elastic spectra with equivalent damping
and period, are applied. In the following, the method is briefly described and discussed.
Description of the method.
After the pushover curve in MDOF system, the steps are:
1. Evaluation of elastic response spectrum in terms of acceleration and displacement;
2. Transformation to an equivalent single Degree of Freedom (SDOF) system;
3. Determination of the idealized elastic-perfectly plastic force-displacement relationship;
4. Determination of the period of the idealized equivalent SDOF system;
5. Determination of the target displacement for the equivalent SDOF system;
6. Determination of the target displacement for the MDOF system.
1. Evaluation of elastic response spectrum in terms of acceleration and displacement.
As for as the lateral forces distribution is concerned, the EC8 code suggests that the
vertical distribution of the lateral force should be in proportion to the fundamental
mode shape of model:
Fx ∼mx ·φi ,x
where mx is the mass at level and φi ,x is the ordinate of the fundamental mode at level x.
In order to carry out the seismic demand curve , it is necessary to pass from elas-
tic acceleration response spectrum (Sae (g ),T (s)) to acceleration - displacement plain
(Sae (g ),Sde (m)), as shown in Figure 5.15. The elastic displacement response spectrum
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Sde shall be obtained by direct transformation of the elastic acceleration response
spectrum, Sae , using the following expression:
Sde =
T 2
4pi2
·Sae
Thence it arises that for each value of period and for settled value of damping coefficient
it can be obtained the curve of seismic demand.
Figure 5.15
Elastic spectrum acceleration(Sae ) and displacements (Sde ) in (a) traditional format,(b) AD format.
In single degree of freedom system (SDOF), the follow equations shows how to pass
from elastic spectrum to an-elastic design spectrum:
Sa = Sae
Rµ
Sd = Sde ·
µ
Rµ
=µ · T
2
4 ·pi2 ·Sa
where:
- µ is the ductility factor defined as the ratio of ultimate displacement and yielding
displacement;
- Rµ is factor reducing elastic spectrum .
The reducing factor Rµ depends on fundamental period of structure and corner period
at the upper limit of the constant acceleration region of the elastic spectrum Tc ; it is
equal to:
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Rµ =

µ T1 ≥ Tc
1+ (µ−1)
Tc
T1
T1 < Tc
It can be noticed that for structures with fundamental period greater than Tc , the hy-
pothesis of equal displacement between elastic and inelastic system is valid.
Figure 5.16 shows elastic spectrum and inelastic spectra with several ductility factors µ.
Figure 5.16
Elastic spectrum and inelastic spectra with several ductility factors µ.
2. Transformation to an equivalent single Degree of Freedom (SDOF) system;
The seismic demand is obtained through response spectra, for this reason structural
model has to be transformed to an equivalent Single Degree of Freedom (SDOF) system
. The mass of an equivalent SDOF system m∗ is determined as:
m∗ =∑mi ·Φi =∑Fi
where mi is the mass in the i-th storey and theΦi is the normalized displacements.
The force F∗ and displacement d∗ of the equivalent SDOF system are computed as:
F∗ = Fb
Γ
d∗ = dn
Γ
where Fb and dn are, respectively, the base shear force and the control node displace-
ment of the Multi Degree of Freedom (MDOF) system.
Γ is the transformation factor and is given by:
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Γ= m
∗∑
mi ·Φ2i
Finally, Multi Degree of Freedom system (MDOF) was transformed to an equal Single
Degree of Freedom system (SDOF).
3. Determination of the idealized elastic-perfectly plastic force-displacement relationship
The yield force F y∗, which represents also the ultimate strength of the idealized system,
is equal to the base shear force at the formation of the plastic mechanism.
The initial stiffness of the idealized system is determined in such a way that the areas
under the actual and the idealized force – deformation curves are equal; as shown in
Figure 5.17.
Figure 5.17
Determination of the idealized elastic - perfectly plastic force – displacement relationship(Eurocode 8
method).
4. Determination of the period of the idealized equivalent SDOF system.
The target displacement of the structure with period T* and unlimited elastic behaviour
is given by:
d∗et = Se (T ∗) ·
(T ∗
2pi
)2
where Se (T ∗) is the elastic acceleration response spectrum at the period T ∗.
Since in this case T ∗ > Tc than d∗t = d∗et .
The period T* of the idealized equivalent SDOF system is determined by:
T ∗ = 2pi ·
m∗ ·d∗y
F∗y
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5. Determination of the target displacement for the equivalent SDOF system.
Both design spectrum and capacity bilinear curve are put in the same acceleration-
displacement format plot. The intersection point between ideal prosecution of elastic
branch (characterized by T ∗) with elastic response spectrum is acceleration seismic
demand (ordinate) , and, thus, the seismic force when is multiplied by equivalent mass
m∗; while the value of abscissa is the seismic displacement for the elastic system.
When the fundamental period is in medium-long period range the the seismic displace-
ment for the elastic system coincides with inelastic one (d∗t = d∗et ) in Figure 5.18 point b.
Instead the intersection point between bilinear curve with inelastic response spectrum
is seismic demand for dissipative system, taking into account its ductility.
Obviously, when the intersection between these curve is not present, it means that
capacity of structure is not able to soddisfy the seismic demand.
(a) Short period range. (b) Medium and long period range.
Figure 5.18
Determination of the target displacement for the equivalent SDOF system
6. Determination of the target displacement for the MDOF system.
The target displacement of the MDOF system is given by:
dt = Γd∗t
This method allow to compare seismic demand to capacity of structure. The structural perfor-
mance can be improved in terms of ductility and over-strength or also the seismic demand
can be modified, changing the stiffness of the structure, thus, the fundamental period and
therefore the seismic design displacement.
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5.7 Non-linear analysis of MRF case study
5.7.1 Material non-linearity
In order to investigate the evaluation of the seismic performance of the building, the beam
plastic rotation shall be defined.
According to FEMA 356, the chord rotation (as shown in Figure 5.20) shall be calculated either
by adding the yield rotation, θy , to the plastic rotation or taken to be equal to the story drift.
[5]
Θp = di
hi
where:
Θp is the plastic rotation angle, taken equal to the story drift;
δi is the relative horizontal displacement of i -story ;
hi is the height of i -story;
Figure 5.19
Beam plastic rotationΘp .
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In order to model plastic hinge, the yield rotationΘy shall be defined. FEMA 356 suggests to
use equations (5.1) and (5.2), as shown 5.20.
Beams : θy =
Wpl ·Fye ·Lb
6 ·E · Jb
(5.1)
Columns : θy =
Wpl ·Fye ·Lc
6 ·E · Jc
·
(
1− P
Py e
)
(5.2)
Figure 5.20
Definition of Chord Rotation. [5]
where θy is yield rotation, Wpl is the plastic section modulus, Fye expected yield strength of
the material, Lb and Lc are beam and column length, respectively; Jb and Jc are beam and
column moments of inertia, respectively;P is axial force in the member, Pye is expected axial
yield force of the member.
The above-mentioned FEMA 356 procedure facilitates the definition of flexural plastic hinges
in commercial software sap2000, because the Force-Deformation Relation is already im-
plemented in the software. The non-linear load-deformation behaviour of beams shall be
modelled as shown in Figure 5.21.
Q = generalized component load
Qy = generalized component yeld strength
Θ = the total elastic and plastic rotation of the beam or
column
∆ = the total elastic and plastic displacement of the
beam or column
a = 4θy b = 6θy c = 0.2
Figure 5.21
Generalized Force-Deformation Relation for Steel Elements or Components[5].
Therefore, regarding the plastic hinges in sap2000, the following types were used:
• Moment M3 hinges at the end of beams, with Mpl and θy values, as indicated in Table
5.4;
• Automatically generated hinges in columns taking into account the interaction between
axial forces and biaxial moments.
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Table 5.4
Definition of plastic hinge in the beam.
dir L Section Mpl θy
m kNm radians
x 6 IPE360 361 0.011
y 7 IPE360 361 0.012
Since the structural behaviour is similar in both directions, to investigate the structural re-
sponse only 2d model in x direction will be taken into account. 2D model was formed based
on the results of the 3D analysis. Both Sap2000 and OpenSees 2D models ,masses and gravi-
tational loads were carried in each joint according to G+ψ ·Q combination. The values are
shown in Figure 5.22.
The total mass of each floor was divided for 2 frames and than for 4 joints; so that each joint
has 27 kN · s2/m.
Total Weight = 10555 kN
Total mass = 1077 kN · s2/m
Mass for each frame = 539 kN · s2/m
Mass on each joint = 27 kN · s2/m
N1 -60 kN
N2 -117 kN
N3 -117 kN
N4 -60 kN
Figure 5.22
MRF: Gravitational Load according to G+ψq combination.
In OpenSees model, more attention was possible to give for the definition of the non-linearity.
The imperfections of columns have been directly introduced in the models according to the
“imperfections model” of EN1993-1-1, as shown in Figure 5.23. In such a way, global buckling
check can be neglected.
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φ=φ0 ·αh ·αm ∼= 0.002;
φ0 = 1/200;
αh = 2/
p
h = 0.66;
αm =
p
0.5 · (1+1/m)= 0.72;
Figure 5.23
Graphical overview of the imperfections model.
Moreover in OpenSees, to simulate the non-linear behaviour of beams and the columns, the
Nonlinear Beam Column Element objects with Fiber section Steel02 were used.
5.7.2 Pushover analysis
First of all, the structural response beyond the elastic state was firstly examined through
non-linear static analysis. Both modal and uniform lateral load distribution were used. The
modal shape of the lateral load was based on the first two translational modes of each case
study. The models were pushed laterally up to an overall drift of 4.0%= 0.68m and P-delta
effects were taken into account.
In Figures 5.24 and 5.25 Pushover curves for 3D model, carried out in SAP2000, are shown.
Figure 5.24
MRF 3D model:Pushover curve in X direction.
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Figure 5.25
MRF 3D model:Pushover curve in Y direction.
Regarding 2D model, in order to compare the results of the push-over analyses, both simulation
types (SAP2000 and OpenSees) were superimposed, as shown in Figure 5.26.
Figure 5.26
MRF: Pushover in 2Dmodel dir.x using two different software .
It can be noticed that the small differences depend on the different definition of non-linearity
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in the dissipative elements and they can be negligible.
The fundamental mode is similar:
T1(sap3D)= 1.47s; T1(sap2D)= 1,55s T1(OS)= 1,48s;
Henceforward, in following analysis, only OpenSees model will be taken for reference.
5.7.3 Performance requirements and acceptance criteria
A crucial point in the assessment of structures using non-linear static and dynamic analysis
is the definition of limit states, not exactly defined in European seismic standards. To prop-
erly evaluate the performance of MRFs building, collapse criteria were individuated from
E N 1998−1 : 2005 , EN 1993−1−1 : 2005 and FEMA 356.
The most critical criteria to determine the ultimate condition and, thus, to estimate the
behaviour q-factor for MRF systems are shown in Table 5.5:
Table 5.5
Failure criteria for buildings with MRF.
Type Reference Criteria
A Inter-storey drift ratio FEMA 356 Indicative
B Ultimate rotation for plastic hinges FEMA 356 Indicative
C Column buckling EN1993-1 Limit
• Inter-storey drift ratio:
According to FEMA 356 for steel moment frames, the inter-storey drift limit values are:
Table 5.6
Structural Performance Levels and Damage for Inter-storey drift [5]
Collapse Prevention Life Safety Immediate Occupancy
DRIFT 5% 1% 0.70%
Figures 5.27 and 5.28 show the inter-storey drift progress when the most critical inter-story
drift achieves the limit value with Uniform and Modal load distribution respectively. It can be
noticed that, in both cases, the limit of 5% of collapse prevention level (CP) is never attained
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before the stop of the pushover (note : all pushover curves are stopped at the achievement of
maximum roof drift 4%= 0.68m). Regarding uniform load distribution , the limit values for all
limit states, are achieved with the drift of the 1° story, while, regarding modal distribution, the
limit values for all limit states, are achieved with the drift of the 3° story.
Moreover it can be noticed that , with uniform load distribution, the drift of the first floors are
much greater then the others, even more visible in large displacements, while, with modal
one, all drift are more uniforms, except for the last floor.
This might suggest the use of different sections among storeys , with the aim to level all inter-
storey drift, and therefore, to optimize the structural behaviour, but this is not common in the
engineering practice.
Figure 5.27
MRF, pushover uniform load distribution: inter-storey drift performance levels.
Figure 5.28
MRF, pushover modal load distribution:inter-storey drift performance levels.
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• Ultimate rotation for plastic hinge in the beams and columns
According to FEMA 356, the indicative limit value to determine the plastic rotation levels
depends on the profiles:
Table 5.7
Structural Performance Levels and Damage for plastic rotation in the elements
Acceptance Criteria
case
Plastic Rotation Angle
IO LS CP
(a) 1 θy 6 θy 8 θy
(b) 0.25 θy 2 θy 3 θy
The case (a) is adopted when :
b f
2t f
≤ 52√
Fye
and
h
tw
≤ 418
Fye
The case (b) is adopted when:
b f
2t f
≤ 65√
Fye
or
h
tw
≤ 640
Fye
.
For beam sections IPE 360, and for column sections HEB 450, the case b) is valid.
Figures 5.29 and 5.30 show the achievement of limit states in terms of ultimate plastic rotation
in the first beam and column. The plastic rotation of the column refers to the rotation at the
base of the column of the first floor. According to the capacity design, the ultimate plastic
rotation of the column is achieved after the beam one, and, moreover, no plastic rotation is
achieved at the top of the columns of the first floor, and thus, weak columns have not been
developed.
UNIFORM MODAL
F (kN) d (m) F (kN) d (m)
kN m kN m
d (m) F (kN) F (kN) d (m)
θy 0.14 1045 0.14 536
LS 0.27 1483 0.27 799
CP 0.35 1497 0.41 886
Figure 5.29
Limit states for plastic hinges in the beams
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UNIFORM MODAL
F (kN) d (m) F (kN) d (m)
kN m kN m
d (m) F (kN) F (kN) d (m)
θy 0.18 1237 0.26 787
LS 0.30 1459 0.43 892
CP 0.40 1512 0.59 911
Figure 5.30
Limit states for plastic hinges in the columns
• Column buckling
The column buckling was checked step by step according to the equation by Eurocode 3. The
most critical column are the middle ones.
Nsd
χ · A · f y
γM1
+
kl t y ·My,Sd
χLT y ·Wpl ,y ·
fy
γM1
Figure 5.31
Limit state for column buckling
Column Buckling
UNIFORM MODAL
F (kN) d (m) F (kN) d (m)
kN m kN m
d (m) F (kN) F (kN) d (m)
CP 0.21 1332 0.27 799
Figure 5.32
Limit state for buckling in the columns
In Figure 5.33 all failure criteria for MRF system are shown. It can be noticed that the collapse
of the structure is achieved due to column buckling.
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Figure 5.33
MRF:Pushover Analysis with failure criteria.
5.7.4 SPO: evaluation of q factor
In order to evaluate the structural ductility, the behaviour factor q was calculated, as suggested
FEMA 695. According FEMA 695 , the over-strength factor Ω is defined as the ratio of the
maximum base shear resistance Vmax , to the design base shear, V . The period-based ductility
is defined as the ratio of ultimate roof drift displacement du to the effective yield roof drift
displacement dy,e f f .
q=Ω ·µ;
Ω= Vmax
V
µ= du
dy
Figure 5.34
Bilinear approach of pushover curve and calculation of q factor
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Table 5.8
Calculation of ductility, over-strength and behaviour factors, according FEMA 695
Vmax V du dy,e f f µ Ω q
uniform 1329 919 0.21 0.18 1.19 1.44 1.71
modal 1131 919 0.27 0.15 1.80 1.23 2.20
5.7.5 Determination of the target displacement
In order to correlate the structural performance with the seismic demand with which it was
designed (ag = 0.25g ) , the target displacement method (N2 method), advised by EC8 and
NTC08(appendix B), was used.
This method evaluates the seismic response of the structures through the combination of the
capacity curve (pushover) and the response spectrum for SDOF system. The analysis results
were represented in acceleration-displacement format.
As stated before in the section of "Definition of Target displacement", once pushover was
carried out, these steps were followed:
1. Evaluation of elastic response spectrum in terms of acceleration and displacement.
In order to carry out the seismic demand curve , it was necessary to pass from elas-
tic acceleration response spectrum (Sae (g ),T (s))to acceleration - displacement plain
(Sae (g ),Sde (m)),as shown in Figure 5.65 by the expression:
Sde =
T 2
4pi2
·Sae
(a) Elastic response spectrum Sae(g)-T(s). (b) Elastic response spectrum Sae(g)-Sad(g)(s).
Figure 5.35
Elastic response spectrum
2. Transformation to an equivalent single Degree of Freedom (SDOF) system;
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the mass of an equivalent SDOF system m* , the transformation factor and, then, the
force F* and displacement du* of the equivalent SDOF system were computed as shown
in Table 5.21:
Table 5.9
Determination of Transformation Factor Γ
m∗=∑mi ·Φi =∑Fi
Γ= m
∗∑
mi ·Φ2i
hi di (m) Mi (kg ∗10−3) Φi Mi ·Φi Mi ·Φ2i
3.4 0.01 108 0.13 13.73 1.75
6.8 0.02 108 0.38 40.58 15.25
10.2 0.04 108 0.63 68.46 43.40
13.6 0.05 108 0.85 91.55 77.60
17 0.06 108 1.00 108.00 108.00∑
540 2.98 322.32 245.99
Γ= 1.31
The force F* and displacement d* of the equivalent SDOF system are computed as:
F∗ = Fb
Γ
d∗ = dn
Γ
where Fb and dn are, respectively, the base shear force and the control node displace-
ment of the Multi Degree of Freedom (MDOF) system.
3. Determination of the idealized elastic-perfectly plastic force-displacement relationship.
The yield force F y∗, which represents also the ultimate strength of the idealized system,
is equal to the base shear force at the formation of the plastic mechanism.
The initial stiffness of the idealized system was determined in such a way that the areas
under the actual and the idealized force – deformation curves are equal; as shown in
Figure 5.36.
4. Determination of the period of the idealized equivalent SDOF system.
The target displacement of the struc-
ture with period T* and unlimited
elastic behaviour is given by:
d∗et = Se (T∗) ·
(T ∗
2pi
)2= 0.124m
where Se (T ∗) is the elastic accelera-
tion response spectrum at the period
T ∗.
Since in this case T ∗ > Tc than d∗t = d∗et .
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Figure 5.36
MRF: Determination of the idealized elastic - perfectly plastic force – displacement relationship
5. Determination of the target displacement for the equivalent SDOF system
Figure 5.37
MRF: Determination of the target displacement for the equivalent SDOF system, according to EU8
procedure
6. Determination of the target displacement for the MDOF system.
The target displacement of the MDOF system is given by:
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dt = Γd∗t = 0.20m
It can be noticed that MRFs are usually flexible structures whose vibrations are found in the
descending part of the response spectrum, this leads to rather low design seismic forces , but,
at the same time, large displacements.
Therefore, the issue is that the beams and columns shall be designed, first of all, to guarantee
lateral stiffness limitations and, consequently, the elements are over-sized with respect to
seismic strength requirements.
Finally, capacity design approach, beam-to-column resistance hierarchy, drift limitations and
sensitivity to second order effects have strongly conditioned the final sizing of the elements.
The over-sizing of dissipative members and the second order effects limitations have notably
increased the size of columns and the beams, leading to structures with a large amount of
strength resources, higher than those the ones effectively required by seismic loads.
In order to compare the results obtained by dynamic linear analysis and static non linear
analysis„ it can be said that the Ω factor is about 1.60. It means that, MRF building was
designed with 60% more resistance and, as shown in Figure ??, it remains in elastic range.
In order to assess the correctness of results, both types of analysis were compared. The central
column at the first story is taken as example. In the DL analysis, the total design base shear
force in x direction is 725 kN (as shown in Table 4.10), but there are two MRFs for direction, so
the base shear force for each frame is 362 kN, while in the pushover analysis (Figure 5.29) the
yield base shear force is 1045 kN.
The value of Table 5.10 shows the consistency of the results.
Table 5.10
Comparison of results between dynamic linear (AD) and Pushover (PO) analysis
COL. Ned,G Ned,E Ned Med3,G Med3,E Med3 Med2,G Med2,E Med2 ratio
HE 450 B kN kN kN kNm kNm kNm kNm kNm kNm
DL 588.22 7.77 605.04 0.34 361.75 783.79* 0.02 12.93 28.01 0.74
SPO 582 329 27 0.39
* MC D,E d =NE d ,G +1.1 ·γov ·Ω ·ME d ,E → 783.84 = 0.34+1.1 ·1.6 ·1.25 ·361.75
Moreover, plotting both initial cases, as shown in Figure 5.38: 2 MRFs for both directions and 4
MRFs for both directions, it is possible to note that, the latter is even more over-sized than the
former, because each frame is stressed only by a quarter of total base shear force. The issue is
that the member section sizes cannot be lower because the design is governed by static loads.
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Figure 5.38
Plot Ad with 2MRFs and 4 MRFs
Finally, it can be deduced that, the MRF system shows a overly low stiffness and, to oppose
at this limit, beams and columns shall be over-sized. But, at the same time, the beams are
also the main dissipative elements of the system. Thus, the impossibility of reaching a full
optimized structural solution represents a limit that can endanger the competitiveness of this
structural typology.
The aim is that to find an optimal solution to satisfy all rules about lateral stiffness, resistance
and capacity design contemporaneously .
The way forward could be two:
• solution aimed at increasing the stiffness without over-sizing the elements, for example
adding braced frames;
• solution aimed at reducing the resistance but without reducing the stiffness, for example
using "Reduced Beams Section", RBS.
Figure 5.41 shows the possible solutions to optimize the structural performance.
To not change radically the structural typology , the solution with RBS was adopted.
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Figure 5.39
Plot Ad format with 2MRF and possible better solutions
5.7.6 MRF : new solution with RBS
All beams have been reduced at their ends of a certain amount, suggested by Eurocode, as
shown in Table 5.11. The values are shown in Table 5.12.
Table 5.11
Configurations of RBS sections (Eurocode 8)
Distance a Lenght of RBS s Flange reduction
0.6 ·b f 0.75 ·hbeam ≤ 0.50 ·b f
(a) Plan view of RBS. (b) Configuration RBS in sap2000 and OpenSees.
Figure 5.40
Modeling of RBS
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Table 5.12
Values for RBS
SECTION b be Jeq Wpl Wpl ,RBS Mpl Mpl RBS r ed Θy Θu = 8 ·Θ∗y
mm mm cm4 cm3 cm3 kN m kN m % rad rad
IPE 360 170 88 16265.67 1019.1 659.2 361.7 234.1 35 0.009 0.074
∗ The new section with RBS is included in case (a) of the Table 5.7.
Figure 5.41 shows the same structure without and with RBS, the latter is a little more flexible
but the yield base shear force is lower, it means that the over-resistance was reduced.
Figure 5.41
Comparison between MRFs standard and MRFs with RBS.
SECTION b be Jeq Wpl Wpl ,RBS Mpl Mpl RBS r ed Θy Θu = 8 ·Θy
mm mm cm4 cm3 cm3 kN m kN m % rad rad
IPE 360 170 88 16265.67 1019.143 659.23 361.79 234.02 35 0.009 0.074
Also in this case, the collapse is achieved for column buckling, as shown in Figure 5.42, but the
roof displacement is higher than the former.
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Figure 5.42
MRF with RBS: Pushover with failure criteria
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MRF with RBS: Calculation of q factor
Table 5.13
Calculation of ductility, over-strength and behaviour factors, according to FEMA 695 procedure
Vmax V du dy,e f f µ Ω q
uniform 1183 648 0.53 0.18 2.84 1.82 5.18
modal 946.10 648 0.62 0.15 4.16 1.45 6.06
MRF with RBS: Determination of target displacement
Figure 5.43 shows the idealized pushover with RBS and it can be noticed, comparing with the
pushover without RBS, the resistence was reduced about 30-40 %.
Figure 5.43
Plot Ad , for MRF with RBS
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5.7.7 Incremental dynamic analysis (IDA)
In Figure 5.44 is shown the capacity curve Base Shear Force vs Roof Displacement, obtained
by non-linear dynamic analysis .
Figure 5.44
MRF IDAs : Base Shear Force vs Roof Displacement
In order to find a proper sense of the re-
sults, IDA curves were compared with static
pushover curves.
For example, in Figure 5.45, a zoom of previ-
ously figure with the superimposed pushover
curves is shown. It can be noticed that the IDAs
curves results are in the middle between exact
superimposition between pushover curve with
modal load distribution (black broken line) and
uniform load one (black broken line).
Figure 5.45
Zoom of the Figure 5.44, IDA capacity curves with static pushover curves.
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Collapse criteria
As already previously stated, The most critical collapse criteria for MRF system are the same
previously stated for static pushover.
• Interstory drift ratio;
Figure 5.46 shows IDA curves with PGA versusΘmax . The performance level limts are marked:
Immediaty Occupancy (IO), Life Safe (LS) and Collapse Prevention (CP). Figure 5.46 shows
IDA curves with PGA versusΘmax .
Figure 5.46
MRF IDAs :PGA vs θM AX .
• Ultimate rotation of plastic hinge;
Figure 5.47 shows IDA curves with PGA versus the maximum values of beams rotation.
• Column buckling.
Figure 5.48 shows IDA curves with PGA versus the maximum values of column buckling. The
column buckling limit is achieved when:
Buckling Limit −→ NE d
χ · A · F yγM1
+ χl t y ·ME d
χLT ·Wpl ,RBS · F yγM1
= 1
The most stressed columns are the middle ones.
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Figure 5.47
MRF IDAs : PGA vs beam rotation θbeam .
Figure 5.48
MRF IDAs :PGA vs Column buckling limit.
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5.7.8 Evaluation of q factor with modified Ballio-Setti procedure
According to Ballio-Setti procedure, the behaviour q-factor is defined as follow:
q = λu
λe,st ati c
· as,ar t
asd
The fundamental period for the MRF system with RBS is T1 = 1.60, it follows that:
asd= ag ·S ·Fo · Tc
T
= 0.25g ·1.20 ·2.41 · 0.485
1.60
= 0.21g
PG Ayi eld = 0.12g −→λst ati c = 0.48
Table 5.14
Evaluation of q-factor for MRFs according to modified Ballio-Setti procedure
BUCKLING Θdr i f t Θbeam
as,ar t (g) PG Au (g) λu q PG Au (g) λu q PG Au (g) λu q
acc1 0.19 0.7 2.8 5.18 0.9 3.6 6.66 1.1 4.4 8.14
acc2 0.20 0.5 2.0 4.17 1.1 4.4 8.53 1.3 5.2 10.08
acc3 0.20 0.7 2.8 5.43 1.0 4.0 7.76 1.3 5.2 10.08
acc4 0.24 0.8 3.2 7.46 1.1 4.4 10.26 1.4 5.6 13.06
acc5 0.16 0.9 3.6 5.59 1.0 4.0 6.21 1.5 6.0 9.31
acc6 0.16 0.9 3.6 5.55 1.0 4.0 6.17 1.4 5.6 8.63
acc7 0.23 0.8 3.2 7.23 0.9 3.6 8.13 1.3 5.2 11.75
5.80 7.67 10.15
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5.8 Non-linear analysis of EBF case study
5.8.1 Material non-linearity
In order to investigate the evaluation of the seismic performance of the building, the link
rotation angleΘp shall be defined.
As shown in figure 5.49, the link rotation angle is defined by:
Θp =
vi + v j
e
+ δi
hi
where:
Θp is the link rotation angle;
vi and v j are the vertical displacements of the ends of link ;
e is lenght of link, or eccentricity ;
δi is the relative horizontal displacement of i -story ;
hi is the height of i -story;
Figure 5.49
The link rotation angleΘp .
At this point, with the aim to define the non-linear behaviour of link , it is necessary to
understand how to model the interaction between shear and moment of link, as shown in the
figure 5.50
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Figure 5.50
Interaction between shear and moment of link.
According to FEMA 356, the load-deformation model for a link beam shall include both shear
deformation and flexural deformation. The elastic stiffness of the link beam, K e, shall be
computed as an connection in series, as shown in figure 5.51.
Ke = 11
ks
+ 1
kb
= ks ·kb
kb +ks
ks = G · Aw
e
kb =
12 ·E · Jb
e3
Figure 5.51
Connection in series for shear and flexural link deformation
where:
Aw = (db −2 · t f ) · tw ;
e = Length of link beam; G= Shear modulus; Ke = Stiffness of the link beam;
Kb = Flexural stiffness; Ks = Shear stiffness; db = Beam depth;
t f = Thickness of flange; tw = Thickness of web;
Once it has been defined the elastic stiffness, the yield link rotation shall be calculated in
accordance with the follow equation:
Θy =
Vy
Ke ·e
= 0.577 ·Fye · Aw
Ke ·e
132
5.8. Non-linear analysis of EBF case study
where the only unknown member Fye is the expected yield strength of the link beam.
Table 5.15 shows the definition of stiffness, yield strength and yield rotation of each link,
previously designed with linear analysis.
Table 5.15
Definition of stiffness and of strength yield of link
LINK Section e Aw Kb Ks Ke Θy Vy
m m2 kN /m kN /m kN /m rad kN
Link1 HE 180 B 0.7 0.00129 281470.77 149076.9 97459.11 0.00426 291.11
Link2 HE 180 B 0.7 0.00129 281470.77 149076.9 97459.11 0.00426 291.11
Link3 HE 160 B 0.6 0.00107 290733.13 144307.7 96439.29 0.00417 241.54
Link4 HE 140 B 0.55 0.00081 228595.57 119244.8 78365.91 0.00424 182.95
Link5 HE 120 B 0.45 0.00063 239036.07 114333.3 77340.57 0.00412 143.52
The load-deformation behaviour of EBFs members shall be modelled as shown in Figure 5.52.
Q = generalized component load
Qy = generalized component yeld strength
Θ = the total elastic and plastic rotation of the beam or
column
∆ = the total elastic and plastic displacement of the
beam or column
a = 0.15 rad b = 0.17 rad c = 0.8 rad
Figure 5.52
Generalized Force-Deformation Relation for Steel Elements or Components (Modelling Parameters by
FEMA 356).
The above-mentioned FEMA procedure facilitates the definition of shear plastic hinges in com-
mercial software sap2000, because this Force-Deformation Relation is already implemented
in the software, but the interaction between shear and moment is not present. For this reason,
resorting to a equivalent stiffness Ke (FEMA procedure) can be convenient.
Therefore, regarding the plastic hinges in sap2000 the following types were used:
• Shear V2 hinges at midpoints of the Link beam with values indicated in Table 5.15;
• Automatically generated hinges in braces for axial forces from tables in FEMA 356;
• Automatically generated hinges in columns taking into account the interaction between
axial forces and biaxial moments.
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Since the structural behaviour is similar in both directions, to investigate the structural re-
sponse only 2d model in x direction will be taken into account. The 2D model was formed
based on the results of the 3D analysis.
In both Sap2000 and Opensees 2D models, masses and gravitational loads were carried in
each joint according to G+ψ ·Q combination. The total mass of each floor was divided for 2
frames and than for 4 joints; so that each joint has 26.88 kN · s2/m.
Total Weight = 10538.92 kN
Total mass = 1075 kN · s2/m
Mass for each frame = 537 kN · s2/m
Mass on each joint = 26.88 kN · s2/m
N1 -61 kN
N2 -104 kN
N3 -104 kN
N4 -61 kN
Figure 5.53
EBF: Gravitational Load according to G+ψq combination.
In OpenSees model, more attention was possible to give for the definition of the non-linearity.
First of all, the imperfections of structural members (columns and braces) have been directly
introduced in the models according to the “imperfections model” of EN1993-1-1, as shown in
figure 5.54.
For the braces:
φ=φ0 ·αh ·αm ; φ0 = 1/200;
2
3
≤αh =
2p
h
≤ 1.0; αm =
√
0.5 · (1+1/m);
In particular, to properly model their imperfection, each brace has been subdivided in six
elements. While for columns the value of the imperfections is:
φ=φ0·αh ·αm ∼= 0.002; φ0 = 1/200; αh = 2/
p
h = 0.66; αm =
√
0.5 · (1+1/m)= 0.72;
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Figure 5.54
Graphical overview of the imperfection for braces and columns.
Figure 5.55 shows the schematized link behaviour in OpenSees.
Each dissipative link was modelled adopting Zero-Length Element, which is defined by two
nodes at the same location. The nodes are connected by Uni-axial Material object to represent
the force-deformation relationship for the element, in the defined directions by user . In this
case, the element is the beam link and the material direction is the vertical translation (dir.2).
Thus, with the EqualDOF Command, the same horizontal translational displacement (dir. 1)
and the rotation (dir.3) between two nodes, were imposed, as shown in Figure 5.55
Figure 5.55
Link behaviour modelling in openSees.
In order to simulate plastic behaviour of the shear hinge, in which both shear and flexural
deformation were taken into account , as suggested by FEMA, the Steel01 Material was used,
as shown in Figure 5.56. Columns and braces (i.e. non dissipative elements) were modelled
with fiber elements adopting always the Menegotto-Pinto Steel02 Material . Columns were
modeled including P-Delta effects. Braces, since the presence of imperfections deeply changes
the stiffness of the element in function of the compression forces, were schematized using
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corotational elements, able to update the stiffness matrix at each step and accounting for large
displacements. The shear behaviour of columns and braces is considered elastic.
Fy,Li nk = 0.577 · Aw · fy ·1.1
Fu,Li nk = 0.577 · Aw · fy
D y = Fu,Li nk /Ke
Du = 0.15 ·e
Ep = (Fu,Li nk −Fy,Li nk )/(Du −D y )
Figure 5.56
Steel01 material for link element.
5.8.2 Pushover Analysis
In Figures 5.57 and 5.58 pushover curves for 3D model, carried out in SAP2000, are shown.
Figure 5.57
Pushover curve for 3D model in X direction
In order to compare the results of the push-over analyses, both simulation types (SAP2000
and OpenSees) are superimposed , as shown in Figure 5.59.
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Figure 5.58
Pushover curve for 3D model in Y direction
Figure 5.59
Pushover in 2Dmodel dir.x using two different simulations .
It can be noticed that the small differences between two software depend on the different
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definition of non-linearity in the dissipative elements and it can be neglected. In particular, the
pushover with Sap2000 stopped before than one with OpenSees, this shows, probably,some
convergence problems in sap2000.
The fundamemtal modes are similar as well:
T1(sap3D)= 0.98s; T1(sap2D)= 0.99s T1(OS)= 0.98s;
Henceforward, in following analysis, only OpenSees model will be taken for reference.
5.8.3 Performance requirements and acceptance criteria
To properly evaluate the performance of EBF building, collapse criteria were individuated
from E N 1998−1 : 2005 , EN 1993−1−1 : 2005 and FEMA 356. The most critical criteria to
determinate the ultimate condition and, thus, to estimate the behaviour q-factor for EBF
systems are shown in Table 5.16 :
A crucial point in the assessment of structures using non-linear static and dynamic analysis is
the definition of limit states, not exactly defined in European seismic standards.
Table 5.16
Failure criteria for buildings with EBF.[7].
Type Reference Criteria
A Inter-storey drift ratio (Global) FEMA356 Indicative
B Ultimate rotation of link (Local) * EN1998-3 limit
• Inter-storey drift ratio:
According to FEMA 356, for EBF the inter-storey drift limit values are:
Table 5.17
EBF: Structural Performance Levels and Damage
Collapse Prevention Life Safety Immediate Occupancy
DRIFT 2% 1.5% 0.50%
Figures 5.60 and 5.61 show the feed of inter-storey drift when the most critical inter-storey
drift achieves the limit value with Uniform and Modal load distribution respectively. It can be
noticed that, in both cases and for all limit states, the limit values are achieved with the drift of
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Figure 5.60
EBF pushover Uniform distribution:Inter-storey drift performance levels
Figure 5.61
EBF Modal distribution:Inter-storey drift performance levels
the 1°story, but , with uniform distribution, the drift of the first and second story are much
greater then the others, even more visible in large displacements. While, with modal one, the
all drift are more uniforms, except for the last floor.
This might suggest to increase the section of first floors, with the object to level all inter-storey
drift also with uniform distribution,and therefore,to optimize the structural behaviour.
• Ultimate rotation of link
The value of maximum limitation for link deformation is not exactly defined. Codes and
literature suggest different values for ultimate rotation link, as shown in Table 5.18. The
EC8-NTC08 value, the most restrictive one, was considered to evaluate the link deformation
capacity.
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UNIFORM MODAL
F (kN) d (m) F (kN) d (m)
kN m kN m
d (m) F (kN) F (kN) d (m)
IO 0.04 574.73 0.06 557.83
LS 0.10 669.64 0.17 624.55
CP 0.14 706.04 0.23 657.84
Figure 5.62
Limit states for 1° inter-storey drift
Table 5.18
Definition of ultimate rotation of link
Source Max value for link rotation
AISC 0.08 rad
EC8-NTC08 0.08 rad
FEMA356 0.14 rad
Kasai and Popov 0.10 rad
Figure 5.63
EBF:Pushover with link rotation limit.
From Table 5.19, it can be noticed that, for both load distributions, the 1°link is the first link that
achieves the ultimate rotation. It attains 0.08 radians at only 0.07m of the global displacement
with uniform distribution, or 0.12m with the modal one. But, at the achievement of the 1° link
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ultimate rotation, only the first two links attain the yield value (see uniform load distribution),
while, in with modal one, all links, except the last, attain the yield value.
The forces and displacements Fy and dy , shown in table 5.19, correspond to achievement
of yielding rotation link ,previously calculated in table 5.15, while Fu and du correspond to
achievement of ultimate rotation link,that is 0.08 radians.
Table 5.19
Link deformation Capacity
UNIFORM DISTRIBUTION MODAL DISTRIBUTION
Fy (kN) dy(m) Fu Du (m) Fy (kN) dy(m) Fu Du (m)
LINK 1 534.85 0.03 632.75 0.07 531.47 0.04 595.84 0.12
LINK 2 602.48 0.05 698.57 0.13 550.45 0.05 611.44 0.15
LINK 3 668.70 0.10 773.21 0.22 550.45 0.05 617.06 0.15
LINK 4 750.78 0.19 881.72 0.39 556.58 0.06 651.65 0.22
LINK 5 934.02 0.68 - - 641.65 0.19 716.91 0.35
5.8.4 SPO: evaluation of q factor
In order to evaluate the structural ductility, the behaviour factor q was calculated, as suggested
FEMA 695. According FEMA 695 , the over-strength factor Ω is defined as the ratio of the
maximum base shear resistance Vmax , to the design base shear, V . The period-based ductility
is defined as the ratio of ultimate roof drift displacement du to the effective yield roof drift
displacement dy,e f f .
q=Ω ·µ;
Ω= Vmax
V
µ= du
dy
Figure 5.64
Bilinear approach of pushover curve and calculation of q factor
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Table 5.20
Calculation of ductility, over-strength and behaviour factors.
Vmax V du dy,e f f µ Ω q
uniform 632.75 368.40 0.07 0.039 1.89 1.71 3.24
modal 595.84 368.40 0.12 0.036 2.86 1.67 4.62
5.8.5 Determination of the target displacement
In order to correlate the structural performance with the seismic demand with which it was
designed (ag = 0.25g ) , the target displacement method (N2 method), advised by EC8 and
NTC08(appendix B), was used.
This method evaluates the seismic response of the structures through the combination of the
capacity curve (pushover) and the response spectrum for SDOF system. The analysis results
were represented in acceleration-displacement format.
As stated before in the section of "Definition of Target displacement", once pushover was
carried out, these steps were followed:
1. Evaluation of elastic response spectrum in terms of acceleration and displacement.
In order to carry out the seismic demand curve , it was necessary to pass from elas-
tic acceleration response spectrum (Sae (g ),T (s))to acceleration - displacement plain
(Sae (g ),Sde (m)),as shown in Figure 5.65 by the expression:
Sde =
T 2
4pi2
·Sae
(a) Elastic response spectrum Sae(g)-T(s). (b) Elastic response spectrum Sae(g)-Sad(g)(s).
Figure 5.65
Elastic response spectrum
2. Trasformation to an equivalent single Degree of Freedom (SDOF) system; the mass of
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an equivalent SDOF system m* , the transformation factor and, then, the force F* and
displacement du* of the equivalent SDOF system were computed as shown in Table
5.21:
Table 5.21
Determination of Transformation Factor Γ
m∗=∑mi ·Φi =∑Fi
Γ= m
∗∑
mi ·Φ2i
hi di (m) Mi (kg ∗10−3) Φi Mi ·Φi Mi ·Φ2i
3.4 0.01 107.52 0.19 20.66 3.97
6.8 0.03 107.52 0.40 42.97 17.17
10.2 0.04 107.52 0.62 66.35 40.94
13.6 0.05 107.52 0.83 89.65 74.75
17 0.07 107.52 1.00 107.52 107.52
Σ - 537.60 - 327.15 244.36
Γ= 1.33
The force F* and displacement d* of the equivalent SDOF system are computed as:
F∗ = Fb
Γ
d∗ = dn
Γ
where Fb and dn are, respectively, the base shear force and the control node displace-
ment of the Multi Degree of Freedom (MDOF) system.
3. Determination of the idealized elastic-perfectly plastic force-displacement relationship
The yield force F y∗, which represents also the ultimate strength of the idealized system,
is equal to the base shear force at the formation of the plastic mechanism.
The initial stiffness of the idealized system is determined in such a way that the areas
under the actual and the idealized force – deformation curves are equal; as shown in Fig.
5.66
4. Determination of the period of the idealized equivalent SDOF system.
The target displacement of the struc-
ture with period T* and unlimited
elastic behaviour is given by:
d∗et = Se (T∗) ·
(T ∗
2pi
)2= 0.082m
where Se (T∗) is the elastic accelera-
tion response spectrum at the period
T ∗.
Since in this case T ∗ > Tc than d∗t = d∗et .
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Figure 5.66
EBF: Determination of the idealized elastic - perfectly plastic force – displacement relationship
The period T* of the idealized equivalent SDOF system is determined by:
T ∗ = 2pi ·
m∗ ·d∗y
F∗y
= 1.058s
5. Determination of the target displacement for the equivalent SDOF system
6. Determination of the target displacement for the MDOF system.
The target displacement of the MDOF system is given by:
dt = Γd∗t = 0.11m
The structure is verified because its ultimate displacements is 0.12m.
The found q-factors (Table 5.20) and the results with N2-method, as shown in Figure 5.67, are
in accordance with the results of linear analysis and design with q = 3.
It notices that, if , for ultimate rotation link limitation, 0.15 radians had been taken, as sug-
gested by FEMA 356, q-factors would have been about 6.
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Figure 5.67
EBF: Determination of the target displacement for the equivalent SDOF system, according to EC8 proce-
dure
New solution for EBF
In order to improve the structural performance, it is possible to act on:
• Stiffness K ;
• StrengthΩ;
• Ductility µ.
To increase the lateral stiffness K , therefore, to have a structure with a lower fundamental
period, and so a lower displacement demand, but without to increase too much the yield force,
braces sections (non-dissipative elements) can be increased. In such a way as to entrust at the
braces only the role of stiffening.
In order to increase the over-strengthΩ, only the first link section needs to be increased.
Instead, in order to improve the ductility µ, it is possible to modify the length of the each links,
with the aim to achieve simultaneously a yielding of link, taking into account to the practical
assessment of the building.
After several attempts, the optimal solution is shown in table 5.22:
Figure 5.68 shows the confrontation between the first EBF building (analysed and designed
with linear analysis),called 1° model, and the new EBF one, called 2° model, optimized with
non-linear analysis.
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Table 5.22
From linear model to optimized model.
Link1 HE 180 B 0.70 m
Link2 HE 180 B 0.70 m
Link3 HE 160 B 0.60 m
Link4 HE 140 B 0.55 m
Link5 HE 120 B 0.45 m
Braces HE 200 B
Link1 HE 200 B 0.70 m
Link2 HE 180 B 0.70 m
Link3 HE 160 B 0.60 m
Link4 HE 140 B 0.45 m
Link5 HE 120 B 0.45 m
Braces HE 240
Figure 5.68
EBF Pushover: 1° Model VS 2° Building
As previously mentioned, the most critical criteria are the Inter-storey drift and the ultimate
rotation of link.
As it regards the Inter-storey drift ratio, the Figures 5.69 and 5.70 show a better regularity of
the drift than the former case. In particular, it can be noticed that with the modal pushover
the first four storeys drift are much more similar.
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Figure 5.69
EBF Pushover 2° model: inter-storey drift performance with uniform distribution
Figure 5.70
EBF Pushover 2° model: inter-storey drift performance with modal distribution
Figure 5.71 shows the worse inter-storey drift levels. As shown in 5.69 and 5.70, the worst
inter-storey drift for all performance levels, is at the first storey with uniform distribution.
While, with modal distribution, is at the second floor for Collapse Prevention level, and at the
third for Life Safety and Immediate Occupancy levels. In any case, it can be noticed that, the
displacement at which the collapse level is greater then the 1°model (0.17m versus 0.14m).
Regarding the ultimate rotation of link, with this 2° model, a more uniform exploitation of
dissipative links was achieved.
From table 5.23 and figure 5.72, it can be noticed that, for uniform distribution, the 1°link is
the first link that achieves the ultimate rotation. It attains 0.08 radians at 0.09m of the global
displacement, while, with modal one, the ultimate rotation is achieved by the third link (at
0.12m) . In this case, at the achievement of the 1° link ultimate rotation, the first three links
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UNIFORM MODAL
F (kN) d (m) F (kN) d (m)
kN m kN m
IO 664.55 0.05 575.90 0.06
LS 752.84 0.12 670.04 0.20
CP 793.01 0.17 709.83 0.27
Figure 5.71
EBF 2° model : pushover curves with inter-storey drift levels
attain the yield value (see uniform load distribution), while, in with modal one, all links, except
the last, attain the yield value. This situation happens when 0.08 radians is taken as ultimate
rotation of link.
While, with the FEMA limit value, or 0.14 radians, all links yield before the collapse.
Figure 5.72
EBF Pushover: 1° Model VS 2° Building
Table 5.24 shows the ductility, over-strength and behaviour factors, obtained for the more
restrictive limit value for ultimate rotation, or 0.08 radians. For information , the Table 5.25
shows the obtained behaviour factors with ultimate rotation of link taken equal as 0.14 radians,
as suggested by FEMA.
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Table 5.23
Link deformation Capacity
UNIFORM DISTRIBUTION MODAL DISTRIBUTION
Fy (kN) dy(m) Fu Du (m) Fy (kN) dy(m) Fu Du (m)
LINK 1 628.08 0.03 716.91 0.09 599.42 0.08 664.36 0.18
LINK 2 653.37 0.04 751.92 0.12 559.81 0.05 645.77 0.15
LINK 3 696.34 0.07 804.27 0.19 543.91 0.04 631.01 0.12
LINK 4 755.25 0.13 886.10 0.29 541.22 0.04 643.19 0.14
LINK 5 964.30 0.39 - - 640.09 0.14 711.38 0.28
Table 5.24
Calculation of ductility, over-strength and behaviour factors according the EC8-NTC limit for ultimate
rotation = 0.08 radians.
Vmax V du dy,e f f µ Ω q
uniform 716.91 459.25 0.09 0.033 2.69 1.56 4.20
modal 631.01 459.25 0.12 0.029 4.22 1.37 5.80
Table 5.25
Calculation of ductility, over-strength and behaviour factors, according the FEMA 356 limit for ultimate
rotation = 0.14 radians
Vmax V du dy,e f f µ Ω q
uniform 776.14 459.25 0.15 0.035 4.24 1.68 7.15
modal 684.51 459.25 0.22 0.031 6.99 1.48 10.40
After all, the found q factors reflect the behaviour factors proposed by Eurocode for linear
analysis. These are in the range between 4 and 6 for EBF, in medium and hight ductility class
respectively.[1]
The procedure of of the target displacement determination was also repeated for the 2° model.
In follow, only the AD format is shown.
Finally, ductility and over-strength can be increased with a better arrangement of the link
sections and their lengths. A greater lateral stiffness is obtained with greater sections of braces.
It does not involve an excessive increase in weight, only 2% more.
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Figure 5.73
EBF Pushover: determination of the target displacement for the equivalent SDOF system (N2 method).
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5.8.6 Incremental Dynamic Analysis for EBF
In Figure 5.74, capacity curves, Base Shear Force versus Roof Displacement, obtained by
Incremental dynamic analysis, are shown.
Figure 5.74
EBF IDA : Base Shear Force - Roof Displacement curve
In order to find a right sense of the results, IDA
curves can be compared with static pushover
curves.
For example, the figure 5.75 shows a zoom of
previously figure but with the superimposed
pushover curves . It can be noticed the exact
superimposition between the IDA curve with
mean values (red line) and the pushover curve
with the modal pattern (black broken line) in
elastic linear branch, while in the non-linear
branch, the IDA curves are more similar with
the uniform one.
Figure 5.75
Zoom of the figure 5.74, IDA capacity curves and static pushover curves.
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Collapse Criteria
As previously mentioned, the most critical collapse criteria for EBF system are Inter-storey
drift and ultimate rotation of link.
• Inter-storey drift
As in MRFs, the maximum peak inter-storey drift angleΘmax = max (Θ1...Θn)) with n-storey.
Θmax relates well both global and local story collapse, thus taking into account Θmax , ex-
pressed in terms of total drift, such asΘmax is better than the effective drift. [10].
Figure 5.76 shows Ida curves with PGA vsΘmax and the collapse limit taken equal to 2 %, as
suggested by FEMA 356.
Figure 5.76
EBF IDA : Pga - Max Interstorey drift
• Ultimate rotation of link .
The follows figures 5.77, 5.78 and 5.79 show only more relevant link rotations behaviour; in
fact, as it already seen in pushover analysis, the dissipative capacity of the first three links is
made the most.
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Figure 5.77
EBF IDA : Pga - Link 1 rotation
Figure 5.78
EBF IDA : Pga - Link 2 rotation
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Figure 5.79
EBF IDA : Pga - Link 3 rotation
5.8.7 Evaluation of q factor with modified Ballio-Setti procedure
According to Ballio-Setti procedure, the behaviour q-factor is defined as follow:
q = λu
λe,st ati c
· as,ar t
asd
The fundamental period for the MRF system with RBS is T1 = 0.88, it follows that:
asd= ag ·S ·Fo · Tc
T
= 0.25g ·1.20 ·2.41 · 0.485
0.88
= 0.38g
PG Ayi eld = 0.08g −→λst ati c = 0.35
Table ?? show the evaluation of q-factor, according to Ballio-Setti procedure, forΘmax .
All that previously stated about non-linear static analysis, was confirmed by the non-linear
dynamic analysis results. Also with IDA analysis, the ultimate rotation link is taken equal to
Θp = 0.08 radians, as EC8 prescribes. If the FEMA limit value, that isΘp = 0.14, was taken, the
minimum q-factor would been about 9.
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Θmax DRIFT LINK 1 LINK 2
acc as,ar t PG Au (g) q PG Au (g) λu q λu PG Au (g) q
acc1 0.39 0.60 2.40 6.90 0.6 2.4 6.9 0.8 3.2 9.2
acc2 0.41 0.60 2.40 7.37 0.6 2.4 7.4 0.5 2.0 6.2
acc3 0.41 0.60 2.40 7.37 0.6 2.4 7.4 0.6 2.4 7.4
acc4 0.24 0.70 2.80 5.05 0.8 3.2 5.8 0.8 3.2 5.8
acc5 0.29 0.70 2.80 6.07 0.6 2.4 5.2 0.7 2.8 6.1
acc6 0.43 0.60 2.40 7.76 0.5 2.0 6.5 0.5 2.0 6.5
acc7 0.41 0.60 2.40 7.33 0.6 2.4 7.4 0.7 2.8 8.6
mean 6.84 6.6 7.1
LINK 3 LINK 4 LINK 5
acc v PG Au (g) λu q λu PG Au (g) q λu PG Au (g) q
acc1 0.39 0.6 2.4 6.9 0.8 3.2 9.2 0.6 2.4 6.9
acc2 0.41 0.5 2.0 6.2 0.6 2.4 7.4 1.2 4.8 14.8
acc3 0.41 0.6 2.4 7.4 0.6 2.4 7.4 1.0 4.0 12.3
acc4 0.24 0.8 3.2 5.8 0.9 3.6 6.5 1.3 5.2 9.4
acc5 0.29 0.6 2.4 5.2 0.8 3.2 7.0 1.0 4.0 8.7
acc6 0.43 0.5 2.0 6.5 0.6 2.4 7.8 0.7 2.8 9.1
acc7 0.41 0.7 2.8 8.6 0.9 3.6 11.0 1.4 5.6 17.2
mean 6.6 8.0 11.2
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5.9 Non-linear analysis of FUSEIS case study
5.9.1 Material non-linearity
In order to investigate the evaluation of the seismic performance of building, the plastic
rotation of fuses beams shall be defined. Figure 5.80 shows the plastic rotation and plastic
moment at midpoint of the RBS of the fuses beams.
Figure 5.80
Plastic moment of fuse element at the RBS section and plastic fuse rotation.
Regarding the plastic hinges in sap2000 the following types were used:
• Moment-rotation hinges at midpoints of the RBS of the Fuseis beams and end-points of
the rest of the beams;
• Automatically generated hinges in columns taking into account the interaction between
axial forces and biaxial moments.
According to the fuseis guide, the plastic moment of fuse element at the RBS section and the
plastic fuse rotation,as shown in Fig.5.80 can be calculated as follows:
Mpl ,RBS =Wpl ,RBS · f y
θpl =
Mpl ,RBS ·L2
6E · J ·LRBS
Mpl ,RBS θpl
IPE300 110.52 0.0043
IPE270 85.16 0.0046
IPE240 64.49 0.0051
IPE220 49.70 0.0055
IPE200 38.60 0.0059
where Wpl ,RBS is the plastic modulus of the reduced section, fy is the effective yielding stress ,
LRBS is the axial distance between RBS sections and L is the axial distance of fuseis columns.
According to experimental investigations (fuseis project), the Non-linear hinge parameters are
indicated in Figure 5.81.
Additional plastic hinges were inserted at the ends of the composite beams, neglecting the
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Figure 5.81
Non-linear hinge parameters for IPE,SHS, CHS and Pins, Fuseis progect Report.
concrete contribution. Since the structural behaviour is similar in both directions, to investi-
gate the structural response only 2d model in x direction will be taken into account.
2D model was formed based on the results of the 3D analysis.
Both Sap2000 and Opensees 2D models ,masses and gravitational loads were carried in each
joint according to G+ψq combination.
The total mass of each floor was divided for 4 frames and than for 5 joints; such that each joint
has 10.50 ·103kg .
Total Weight = 9680 kN
Total mass = 987.85 kN · s2/m
Mass for each frame = 200 kN · s2/m
Mass on each joint = 10.50 kN · s2/m
N1 -62.07 kN
N2 -205.16 kN
N3 -62.83 kN
N4 -186.28 kN
N5 -96.78 kN
Figure 5.82
Gravitational Load according to G+ψq combination.
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In sap2000 ,the 2D model procedure is the same to 3D model but with Plan Frame Analysis.
In Opensees, materials were defined with uniaxial material object, which represents uniaxial
stress-strain relationships. As previously mentioned, two different steels were used:S355 for
non-dissipative elements and S235 for fuseis beams.
In order to describe the non-linear evolution Steel02 Material was used.
Figure 5.83
Used material for non linear static analysis
The sections of fuseis were constructed with Aggregator Section , in which an elastic material ,
taken to represent the shear behaviour , was matched with a fiber section.
As far as the semi-rigid connections are concerned,in sap2000, releases with specific rotational
stiffness (K e = 4E J/l ) and than plastic hinges,as previously specified, were defined; while in
OS, the zero-Length elements were used with uniaxialMaterial ElasticPP with the rotational
stiffness K e and plastic rotation θp , as shown in figure 5.84.
Figure 5.84
modeling of semi-rigid connections.
In order to simulate both the behaviour of fuses beams with RBS (dissipative elements) and
the hinges that may have formed in the columns the Nonlinear Beam Column element was
used. For all the other elements the ElasticBeamColumn element was used.
In Figure 5.85 a summary modelling is indicated .
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Figure 5.85
Detailed model Fuseis system in OpenSees.
5.9.2 Pushover analysis
In Figure 5.86 and 5.87, static Pushover curves for 3D model, carried out in SAP2000, are shown.
Figure 5.86
FUSEIS Frame:Pushover curve for 3D model in X direction.
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Figure 5.87
FUSEIS Frame:Pushover curve for 3D model in Y direction
Regarding 2D model, in order to compare the results of the pushover analyses, both simulation
types (SAP2000 and OpenSees) are superimposed, as shown in Figure 5.88.
Figure 5.88
Pushover in 2Dmodel dir.x using two different simulations.
It can be observed that:
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• the ultimate base shear force in 2D model is approximately 450 kN while in 3Dmodel is
about 1700 kN, since in 3D model there are 4 fuseis resisting frames,this proves the right
procedure regarding the modelling in two software;
• the different approach to model the non-linearity material is noticeable from how the
plastic range starts, in fiber section model (OS) is smoother than sections with plastic
hinges (SAP).
The fundamemtal modes are similar as well:
T1(sap3D)= 1.55s; T1(sap2D)= 1,48s T1(OS)= 1,40s;
Henceforward, in order to proceed with analysis, only OpenSees model will be taken for
reference
5.9.3 Performance requirements and Acceptance criteria
The rotational capacities assumed for the Limit State acceptance criteria (Immediate Occu-
pancy, Life Safety and Collapse Prevention) are based on the previous FUSEIS project [3] [4]
and the calibration of experimental/analytical results presented in its context..
Table 5.26
Failure criteria for FUSEIS buildings .
Type Reference Criteria
A Dynamic instability (Global) Limit
B Maximum roof drift ratio (Global) FEMA 356 Indicative
C Inter-storey drift ratio (Global) FEMA 356 Indicative
D Ultimate rotation of plastic hinges (Local) * Fuseis guide Indicative
The maximum roof drift ratio was considered automatically when the monitored displacement
was defined in the pushover analysis→ 4% ·H = 0.68m .
According to the Fuseis Guide, limit values for beams and columns plastic deformations are
shown in Table 5.27.
The Ultimate rotation of plastic hinges are not critical, because are achieved after the maxi-
mum roof drift ratio. The beams and columns plastic deformations were counted to check
the capacity of Fuseis beams and to respect the capacity design rules (weak beam and strong
columns. In particular the fuseis beams deformation was taken into account in the calibration
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Table 5.27
Acceptance criteria for non-linear hinge in the FUSEIS beams. [4]
CP LS IO
Ultimate Rotation 35θy 25θy 15θy
of each sections size with the aim to achieve the plastic deformations almost at the same time.
The most critical requirements is inter-storey drift ratio, as shown in Figure 5.89.
Figure 5.89
Capacity curve with collapse limit.
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5.9.4 SPO: evaluation of q factor
In order to evaluate the structural ductility, the behaviour factor q was calculated, as suggested
FEMA 695. [6].
q = Ω ·µ
Ω =
Vmax
V
µ =
du
dy
Table 5.28
Calculation of ductility, over-strength and behaviour factors.
Vmax V du dy,e f f µ Ω q
uniform 454.71 265.21 0.52 0.18 2.93 1.71 5.10
modal 372.85 265.21 0.65 0.14 4.46 1.40 6.27
5.9.5 Determination of the target displacement
In order to correlate the structural performance with the seismic demand with which it was
designed (ag = 0.25g ) , the target displacement method (N2 method), advised by EC8 and
NTC08(appendix B), was used.
This method evaluates the seismic response of the structures through the combination of the
capacity curve (pushover) and the response spectrum for SDOF system. The analysis results
were represented in acceleration-displacement format.
As stated before in the section of "Definition of Target displacement", once pushover was
carried out, these steps were followed:
1. Evaluation of elastic response spectrum in terms of acceleration and displacement.
In order to carry out the seismic demand curve , it was necessary to pass from elas-
tic acceleration response spectrum (Sae (g ),T (s))to acceleration - displacement plain
(Sae (g ),Sde (m)),as shown in Figure 5.90 by the expression:
Sde =
T 2
4pi2
·Sae
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(a) Elastic response spectrum Sae(g)-T(s). (b) Elastic response spectrum Sae(g)-Sad(g)(s).
Figure 5.90
Elastic response spectrum
2. Transformation to an equivalent single Degree of Freedom (SDOF) system;
the mass of an equivalent SDOF system m* , the transformation factor and, then, the
force F* and displacement du* of the equivalent SDOF system were computed as shown
in Table 5.29:
Table 5.29
Determination of Transformation Factor Γ
m∗=∑mi ·Φi =∑Fi
Γ= m
∗∑
mi ·Φ2i
hi di (m) Mi (kg ∗10−3) Φi Mi ·Φi Mi ·Φ2i
3.4 0.01 50 0.12 6.23 0.78
6.8 0.03 50 0.30 15.06 4.54
10.2 0.05 50 0.52 26.22 13.75
13.6 0.08 50 0.78 38.81 30.13
17 0.10 50 1.00 50.00 50.00
Σ 250 2.73 136.33 99.20
Γ= 1.37
The force F* and displacement d* of the equivalent SDOF system are computed as:
F∗ = Fb
Γ
d∗ = dn
Γ
where Fb and dn are, respectively, the base shear force and the control node displace-
ment of the Multi Degree of Freedom (MDOF) system.
3. Determination of the idealized elastic-perfectly plastic force-displacement relationship.
The yield force F y∗, which represents also the ultimate strength of the idealized system,
is equal to the base shear force at the formation of the plastic mechanism.
The initial stiffness of the idealized system was determined in such a way that the areas
under the actual and the idealized force – deformation curves are equal; as shown in
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Figure 5.91.
Figure 5.91
Determination of the idealized elastic - perfectly plastic force – displacement relationship.
4. Determination of the period of the idealized equivalent SDOF system.
The target displacement of the struc-
ture with period T* and unlimited
elastic behaviour is given by:
d∗et = Se (T∗) ·
(T ∗
2pi
)2= 0.145m
where Se (T ∗) is the elastic accelera-
tion response spectrum at the period
T ∗.
Since in this case T ∗ > Tc than d∗t = d∗et .
5. Determination of the target displacement for the equivalent SDOF system
6. Determination of the target displacement for the MDOF system.
The target displacement of the MDOF system is given by:
dt = Γd∗t = 0.19m
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Figure 5.92
Determination of the target displacement for the equivalent SDOF system,according to EU8 procedure
5.9.6 Incremental Dynamic Analysis (IDA)
In Figure 5.93 is shown the capacity curve Base Shear Force vs Roof Displacement, obtained
by non-linear dynamic analysis .
Figure 5.93
FUSEIS IDAs : Base Shear Force vs Roof Displacement
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Collapse criteria
As already previously mentioned, the most critical collapse criterion for FUSEIS system is :
• Inter-story drift ratio;
For the exactness, the maximum peak inter-storey drift angle Θmax = max (Θ1...Θn)) with
n-storey. Θmax relates well both global and local story collapse, thus taking into accountΘmax
, expressed in terms of total drift, such asΘmax is better than the effective drift.
Figure 5.94 shows IDA curves with PGA versusΘmax . [10]
Figure 5.94
MRF IDAs :PGA vs θM AX .
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5.9.7 Evaluation of q factor with modified Ballio-Setti procedure
According to Ballio-Setti procedure, the behaviour q-factor is defined as follow:
q = λu
λe,st ati c
· as,ar t
asd
The fundamental period for the MRF system with RBS is T1 = 1.50, it follows that:
asd= ag ·S ·Fo · Tc
T
= 0.25g ·1.20 ·2.41 · 0.485
1.50
= 0.22g
PG Ayi eld = 0.10g −→λst ati c = 0.43
Table 5.30
Evaluation of q-factor for FUSEIS according to Ballio-Setti procedure
acc1 acc2 acc3 acc4 acc5 acc6 acc7 media
as,ar t 0.21 0.19 0.19 0.24 0.15 0.15 0.23 0.19
PG Au (g) 0.9 0.9 1 0.9 1 1.2 1.1 1
λu 3.6 3.6 4 3.6 4 4.8 4.4 4
q 7.71 7.11 7.90 8.72 6.08 7.40 10.22 7.88
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6COMPARISON AND CONCLUSIONS
The study of this thesis was focused on the comparison of the three studies cases: Moment
Resisting Frame (MRF), Eccentrically Braced Frame (EBF) and the innovative FUSEIS system,
as shown in Figure 6.1.
Figure 6.1
General Frame: Moment Resisting Frame (a), Eccentrically Braced Frame (b), Fuseis system (c).
As first step, standard linear analysis was carried out with a PGA level equal to 0.25g. The same
behaviour q-factor, that is q = 3, and capacity design rules were adopted.
Table 6.1 briefly summarizes the results as regards design standards in x direction(they are
symmetric structures, so similar results were obtained in both directions) . It can be noticed
that, in MRF system, a rather highΩ factor was obtained because this system suffers a strong
weakness in the lateral stiffness and, thus, to avoid excessive lateral displacements, oversized
structural members, with respect to the minimum seismic requirements, had to be adopted.
This led to not optimized structure in terms of cost/efficiency ratio.
EBF system shows an high lateral stiffness, due to bracing elements, and a rather lowΩ factor,
thanks to dissipative capacity of the shear links. The same thing for FUSEIS system that,
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despite the low lateral stiffness, shows its dissipative capacity thanks to the flexural behaviour
of the fuses beams.
Table 6.1
Summary of the linear analysis results with q = 3
SYSTEM T1 Θx Vx Ωx Weight
s kN kN
MRF 1.47 0.19 726 1.581 10554
EBF 0.98 0.08 950 1.532 10455
FUSEIS 1.55 0.17 693 1.023 10027
1Ω=Mpl ,beam/Med ,beam ; 2Ω= 1.5 ·Vpl ,l i nk /Ved ,l i nk ;
3Ω=Mpl ,RBS/Med ,RBS
Then, non-linear response of these buildings, designed according to actual standards, was
investigated through static pushover analysis and incremental dynamic analysis.
Table 6.2 shows a brief summary with already presented q-factor values obtained from
pushover. Looking at the results presented in Table 6.2, effective q-factor values for MRF
system are lower, while for EBF and FUSEIS systems are higher than the assumed value in the
linear design.
Table 6.2
Summary of q-factor values obtained from pushover analysis with respect to design value.
MRF EBF FUSEIS
Uniform 1.71 3.24 5.1
Modal 2.2 4.24 6.27
In order to more easily understand the non-linear structural behaviour, the seismic response
of the structures was evaluated through N2 method, that is the combination of the capacity
curve, transformed in SDOF, and the response spectrum .
Figure 6.2 shows the seismic response of the structures with N2 method. Although all three
structures were designed with the same initial q-factor, equal to 3, they show a totally different
seismic response.
It can be noticed that, MRF system does not exploit its plastic resources, really due to the over-
sizing of the structural members. The increased size of columns and beams led to structure
with a large amount of strength, rather higher than the one effectively required by seismic
action. As regards FUSEIS system, is also flexible, but is able to exploit its plastic resource
thanks to fuses beams. As regards EBF system, the short seismic links yield almost immediately,
and thus, this system is able to exploit its plastic resources.
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Figure 6.2
Comparison of seismic response of the structures with N2 method.
The seismic response of MRF was a bit improved using Reduced Beam Sections (RBS). As re-
gards EBF system, with the aim to develop plastic hinge in all links, a optimal design regarding
link sizes and their length was achieved. Finally, with the new solutions for MRF and EBF, new
q-factor values, shown in table 6.3 , were obtained both from pushover and IDA analysis.
Table 6.3
Summary of effective q-factor values obtained from pushover and IDA analysis with new solutions
MRF EBF FUSEIS
Uniform 5.18 4.2 5.1
Modal 6.06 5.8 6.27
IDA 5.80 6.6 7.88
It can be noticed that, the new q-factor values for MRF, obtained with RBS, are higher than the
former ones, but, the over-strength was reduced not more of the 35 %.
In conclusion, it can be stated that, all these systems have advantages and disadvantages.
Moment resisting frames (MRF) are ductile and give the designer all architectural freedom,
but are usually flexible, give problems about columns buckling and rigid connections (beam-
column joints) are not very easy to manufacture .
Eccentrically Braced Frames (EBF) are something between MRF and CBF, so they join the stiff-
ness of braced and ductility of MRF. Moreover, as far as repairability after a strong earthquake
event, in moment resisting frames the beams and their connections shall be repaired, but both
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are elements that resist gravity loading and are difficult to repair. Also horizontal eccentrically
braced frames, despite their structural efficiency, are difficult to repair.
The main advantage of FUSEIS systems is that inelastic deformations are strictly concentrated
and controlled in zones that constitute easily replaceable fuses.
Table 6.4 summarizes the evaluation of these structural systems in respect to stiffness, ductility
and repairability.
Table 6.4
Evaluation of cases studies.
Stiffness Ductility Repairability Dissipative zones
Moment resisting frame - ++ - Beam ends
Eccentrically braced frame* ++ ++ + Links
FUSEIS** + ++ ++ Fuses
*with horizontal shear links.
**FUSEIS 1-1 system.
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